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FOREWORD

The Structural Stability Research Council
organized a day and a half conference
concerned with various stability problems in
existing metal structures which was held in
Kansas City, Missouri on March 28 & 29.
This conference followed the 1993 Milwaukee
format as an expansion of the half day theme
session that had been a traditional part of the
annual meeting of the Structural Stability
Research  Council. The goal of the
conference was to present information on the
types of problems encountered, methods of
assessment and types of rehabilitation that has
been successful. In this respect the conference was a great success as shown by the
quality of paper appearing in these Proceedings. There were about 70 persons who
attended the conference, representing several different countries

The twenty two papers in these Proceedings were presented in six sessions: one on
occurrence & cause, three on evaluation, one repair & strengthening and one devoted
specifically to seismic problems. Special recognition is deserving to the keynote
speakers for these sessions: Don Sherman, David Wisch, Jim Malley, Fred Moses, Pete
Birkemoe and Avanti Schroff. Recognition and thanks is also due to the other
contributing authors and coauthors for their efforts in preparing papers and making
presentations at the conference

At noon on Wednesday there was conference luncheon. The speaker at the luncheon
was Dr. Urs Meier from the Swiss Federal Laboratories, who shared very interesting
information on using advance composite materials to repair deteriorated metal
structures. Thanks to Dr. Meier for his time and effort.

A special note of thanks is due to the sponsors who contributed
financially to support the conference.

American Institute of Steel Construction

Exxon Production Research Company

Federal Highway Administration

National Center for Earthquake Engineering Research
Unocal Corporation



There were many people involved behind the scenes both before and during the
conference to make it a successful event. | thank the active participants of the
Scientific Committee for their suggestions regarding topics and speakers: Clarence
Miller who chaired the Planning Commitiee, Kathy Almand, Lynn Beedle, Reidar
Bjorhovde, Pete Birkemoe, Jackson Durkee, John Fisher, Ted Galambos, Jerry Haaijer
(who is no longer with us), Jim Ricles, Charles Smith, Nick Zettlemoyer and Abdul
Zureick. The SSRC staff put forth considerable extra effort in planning and arranging
for this conference, in addition to the requirements for the preceding SSRC meeting.
For this we recognize: Jim Ricles, Director; Lesleigh Federinic, Administrative
Secretary and Diana Walsh, Secretarial Assistant. Also thanks to the students from the
University of Kansas for their assistance during the conference.

Hopefully these Proceedings will become an important part of structural engineering
literature. They contain some excellent information on overall stability problems in the
existing infrastructure and methods of addressing them. Careful reading will also
reveal alternate ways of considering the topic and some arcas of controversy or
question, These will undoubtedly become future topics of consideration by the
Structural Stability Research Council.

Donald R. Sherman
Chairman

Milwaukee, Wisconsin
June 1995
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STABILITY RELATED DETERIORATION OF STRUCTURES

Donald R. Sherman
University of Wisconsin-Milwaukee

ABSTRACT

The definition of structural deterioration can be expanded to include any problems that occur
existing structures as opposed to new designs. With this definition, deterioration related to
stability includes not only the common conception of physical damage and corrosion, but also
problems resulting from code changes and even errors in design or construction. The causes of
damage and environmental deterioration can be divided into categories of everyday usage and
catastrophic events that impact to various degrees, buildings, bridges, offshore structures and
lifeline structures. Methodologies for assessment are in developmental stages and considerably
more research is still required for evolving reliable methods for assessment and rehabilitation.

As an example of research directed toward understanding the details of deterioration, the
significant role that local buckling or dents play in causing catastrophic fracture under cyclic
loads is illustrated by the results of a pilot test program using rectangular tubes subject to axial
loads. Although axial displacement range, mean displacement and load rate may all have an
mfluence on the number of cycles to fracture, the single factor that separates members that have
hundreds of cycles to fracture from those that fracture in fewer than 40 cycles is the presence
of a local buckle. The formation of local buckles requires higher axial displacement for tubes
with lower width/thickness ratios. Therefore, recent code changes that specify more restrictive
width/thickness ratios for braces in seismic design will enhance the performance of tubular
members.

Numerous articles have appeared in public and technical literature describing the magnitude of
the nation's deteriorating infrastructure problem. The most common problems mentioned are
the high percentage of bridge structures with critical or moderate need for rehabilitation and
buildings that have sustained damage during an earthquake or are no longer in compliance with
modern seismic criteria. Structural engineers are aware of many more specific examples of
different types of structures in need of rehabilitation for a wide variety of reasons,

During the 50th Anniversary Conference of the Structural Stability Research Council in 1994,
there was a workshop on Deteriorated Structures. Participants from various parts of the world
discussed a broad range of problems associated with deterioration. The first part of this paper
that deals with the broad aspects of deterioration is based on ideas presented in the workshop.
The second part of the paper presents the conclusions of a pilot test program to determine the
cause of fractures found in hollow structural section (HSS) braces in the Northridge Earthquake
and the factors that may influence the behavior of HSS braces.

In the workshop discussion concerning the types of deterioration that can occur in structures, it
was concluded that more than just physical damage should be considered. The topic should be
broadened in scope to include the consideration of any stability problems that can occur in



existing structures as opposed to new designs. With this extended definition, the following types
of deterioration that influence stability can be identified.

DAMAGE - Local denting or out-of-straightness that produces a condition that members
or the structure are no longer within original construction tolerances.

ENVIRONMENTAL - Conditions that lead to loss of cross section in members or
alterations of joint characteristics that change the boundary conditions of members.

LEGAL - Changes in applicable codes or in the function of the structure that produce
different loads or design criteria.

ERRORS - Either design or construction errors that are not detected until after the
| structure is built.

Several causes of damage or environmental types of deterioration can be identified. These are
divided into categories of everyday usage and catastrophic events.

EVERYDAY USAGE
variations or other repetitive loads that can produce fatigue conditions. The
resulting cracks may influence the section or boundary properties 1o the extent
that stability is degraded in a member or in a structure as a whole.

CORROSION - Environmental conditions can lead to loss of section or
deterioration of joints,

LACK OF MAINTENANCE - This could lead to corrosion, build up of material
in joints or structural misalignments due to use of equipment (e.g. cranes)

CATASTROPHIC
IMPACT - Impact damage occurs from moving vehicles or falling objects that
locally dent and/or permanently bend a member.

SINGLE OVERLOAD - Hurricanes, tornados or unusual vehicle or equipment
loads that produce permanent local or general member buckling.

SEISMIC EVENT - Severe horizontal cyclic loads on the structure that produce
buckling or fracture in members.

FIRE - Twisting or bending of members beyond construction tolerances but not
to the degree where replacement is obviously required.

BLAST - Explosions that occur either from industrial accidents or intentional
bombing that produce permanent distortions in the structure.




Deterioration in various forms could occur in many types of steel structures. However, the
frequency of types or causes of damage is more prevalent in different structure categories.

BUILDINGS - Exposed columns in industrial buildings and parking structures are
frequently subject to vehicle impact and are potentially subject to environmental
deterioration. Industrial buildings are also subject to maintenance, overload or cyclic
load problems. Any type of building can experience fire, blast or seismic damage.
Seismic damage is the most prevalent and most commonly affects braces and joints in
steel buildings.

BRIDGES - Vehicle impact frequently occurs in members of bridges. Corrosion and
maintenance problems are also frequently encountered. Other source of damage often
affect bridge supports and foundations, but these are not within the scope of stability of
metal structures.

OFFSHORE STRUCTURES - Work platforms are subject to any of the types or causes
of damage that have been identified.

LIFELINE STRUCTURES - Seismic events can damage pipelines and towers. Pipelines
are also subject to corrosion or accidental impact from moving equipment. As exposed
structures, towers are subject to environmental damage

Any type of steel structure could require evaluation due to errors or changes in loadings and
applicable codes. This is a particular problem with older bridge structures and buildings in

Bridges were commonly designed for 30 to 50 year lives. Bridge loadings have increased
considerably over this period and many existing bridges are over 50 years old. As in the case
of buildings, many of these older structures have survived and continue to function with loadings
well beyond their original design loads because of very conservative design practices.

Starting 50 years ago, offshore structures were originally designed for a 30 year life and to
withstand a 25 year wave. Now there is an interest in extending the life of older platforms and
the design criteria is a 100 year wave. With modern analysis methods and refined criteria, older
structures can frequently be shown to still be adequate.
ASSESSMENT
Once it has been determined that a member or structure is in a deteriorated condition, a decision
must be made on selecting one of three options:

1. Leave it as is since it can perform its function in a satisfactory manner.

2. Rehabilitate to improve its condition so it will perform satisfactorily.

3. Replace the member, subassemblage or entire structure.




Although analysis for re-rating bridges has been common practice for many years, general
methodologies for assessment are still in formative stages. A draft of a section of API RP2A
(Offshore Platforms) has been prepared that presents a general strategy. Similar studies for
cracks in bridge structures are also underway. Essentially the strategy consists of a sequence
of classifications of the severity of deterioration and its consequences. Each stage increases in
complexity. If the results are satisfactory in any stage, the deterioration is dismissed. If not,
proceed to the next stage. The stages are:

1. Gather data to document the severity of deterioration,

2. Screen the information and make an experience judgement as to whether the
deterioration might be severe enough to limit the function of the structure.

3. Consider the effects at working stress levels.

4. Perform an ultimate strength analysis. Simple and conservative analyses are used first
and increasingly complex analyses are used if necessary to demonstrate a margin against
failure; e.g.

a) Elastic analysis without safety factors and using mean yield strengths.
b) Detailed local analysis if few members are involved
¢) Global analysis (eg. pushover in the case of offshore platforms)

5. Design the required rehabilitation or replacement.

At any stage the economics of proceeding must be considered. It may be less expensive to
rehabilitate or replace than to proceed with the assessment.

Parameters to be considered in the evaluation and assessment are the location of the deterioration
in a member and in the structure, severity, structural type (e.g. degree of redundancy),
consequences of failure. Included in the latter are considerations of whether the structure is
occupied, possible evacuation of personnel with adequate storm warnings, potential
environmental pollution and economic importance of the structure.

Although knowledge of the reserve strength of an individual member is important, primary
consideration must be given to its effect on the total structure. Therefore, information on its

altered stiffness must be known for an elastic analysis and nonlinear characteristics are required
for an ultimate strength analysis. If there are many sources of out-of-tolerance in the structure,
they can add up to potentially dangerous situation. In an ultimate strength analysis, there is the
possibility of a complex analysis to determine a beta or reliability factor for the structure.
Although this is an option for engineering decisions, reference to reliability or probability of
survival should be avoided when dealing with the public; the public wants a clear statement that
the unrepaired or rehabilitated structure is reliable.




Inspection is an important part of the assessment process especially when deterioration is caused
by everyday events. In any assessment, it is important to determine the root cause of
deterioration so that simple repair does not lead to a recurring problem. As an example not
directly related to stability, a crack caused by overioad during installation can be reweided, but
fatigue cracks should not be simply rewelded.

REHABILITATION

Tubular members have been rehabilitated with internal grouting and external sleeves or clamps
1o encase the damaged section with grout. Fiber-reinforced concrete and shotcrete have been
used to encase buckled web members in open-web joists to obtain stable hysteresis loops. The
objective of grouting is to stabilize local buckles or dents so they do not grow under subsequent
static or cyclic loads. However, research has shown that there is a limiting dent depth and out-
of-straightness beyond which the original strength of the member cannot be regained. Grout has
also been used to reinforce connections.

In bridges, rehabilitation frequently involves increasing capacities and widths in addition to
repair of physical deterioration. Several strategies to eliminate stability problems from both
bridge and offshore experiences can be mentioned. These include schemes to increase strength
or reduce loads.

Replace members with higher strength steel

Add additional braces to compression members

Post-tensioning schemes

Internal or external grout

Insert piles in tubular members with grouted annular space

Intentionally flood submerged tubular members to reduce external pressure
Reduce loads by removing unnecessary appendages that catch drag forces

NEEDED RESEARCH
The whole area of dealing with deteriorated structures is still in the early stages of development,
and considerable research is needed for economical and efficient assessment and rehabilitation.

EXPERIMENTAL - Tests are required to determine the behavior and reserve capacity
of various types of deterioration for different types of members. These tests are needed
to provide a baseline for analytical predictors. Tests are also required to provide
information on innovative methods for repairing deterioration,

ANALYTICAL - Further research is needed to develop reliable, efficient and economical
analytical methods to determine reserve capacities and behavior of damaged members of
various cross sections. The complete nonlinear behavior of members, including the
descending branch, must be known in order to conduct collapse analyses of the entire
structure.

PRACTICE - Information is needed to classify which dents (severity and location) or
other types of deterioration can be accepted. General methodologies must be developed
for assessing older structures. A good exchange of information is required so that




successful methods of assessment and rehabilitation are widely known.

HSS BRACE UNDER CYCLIC AXIAL LOAD

As an example of research directed toward determining the causes of catastrophic damage, the
results of a pilot tests program on rectangular hollow structural sections (HSS) are presented.
This test program was motivated by the observation of a fracture in a 10"x10"x3/8" HSS bracing

member with a flat width to thickness ratio (b/t) of 23 in the Northridge

of January

1994. The test program consisted of testing two thicknesses of 5"x2" HSS under axial
displacement with ends pinned for column buckling about the weak axis. The properties of the

test specimens are summarized in Table 1.

TABLE 1 - HSS TEST SPECIMEN PROPERTIES

SIZE b/t KL/t

F,
ksi

P,

¥y

kips

P

kips

5x2x1/8" 36 83.5

46.1

71.0

Fod

5x2x3/16" 23 86.4

57.0

127.2

161

The size, b/t and column slenderness (KL/r)
are based on nominal dimensions. The yield
stress (F,) and the measured swb column
strength (P,,) were obtained in static tests
while the yield load (P,) is cakulated from
the static yield stress and the actual HSS
dimensions. The fact that the stub column
tests are higher than the yield load reflects
enhanced yield properties in the corners of
the HSS and indicate that local buckling
occurred in the strain hardening range.

The AISC Specification defines a thin-walled
HSS under uniform compression as having a
b/t that exceed 238/\/F,, or in this case 35
for the thin HSS. The recent AISC Seismic
Provisions limit b/t to 110/J/F, or about 15
for both of the two sizes. Therefore, the
thicker of the test specimens is similar to the
HSS observed after the earthquake and would
have been acceptable under the older code
provisions, but neither HSS would be
acceptable under the newer provisions.

Both tube sizes were initially tested as

FIG.
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columns under very slow monotonic axial loading. The resulting load vs. axial displacement



curves are shown in Fig. 1. Since the column slenderness is almost identical for the two sizes,
overall column buckling occurs at essentially the same axial displacement. Subsequent local
buckles, however, develop at less displacement in the thinner HSS. In the cyclic test program,
axial displacement limits were at 0.200" where only the thin HSS formed a local buckle and at
0.400" where both HSS had local buckling.

The variables in the cyclic test program were the axial displacement range, the mean axial
displacement and the rate of loading as determined in the period for a cycle. A similar pattern
of behavior was observed in most of the cyclic tests, Column buckling is followed by a local
buckle which leaves "horns” at the corners.  After several cycles with tension excursions,
cracks initiate at the HSS corners on both horns and propagate through the thickness and away
from the corners in subsequent cycles. As section is lost at the cracks resulting in an eccentric
load, the lateral deflection reverses during the tension part of the cycle but return to the original
direction during compression, producing a snap-through behavior. Eventually the crack pops
across the local buckle, resulting in increased lateral deflection that creates a large enough
eccentricity to reverse the direction of column buckling in the subsequent compression, Table
2 presents the displacement range, the test identification number, the cycle period and the
number of cycles for a full fracture across the width of the section

The most significant conclusion from the tests is that Test #4, which buckled as a column but
did not form a local buckle, sustained over 500 cycles of loading without developing a crack.
All other tests where local buckling did occur failed in 41 or fewer cycles.

TABLE 2 - CYCLES TO FRACTURE

DISPLACEMENT THICK THIN
(in) TEST |PERIOD |cYCLEs | TeST |PERIOD | CyCLES
(s) (s)
-.200, +.200 7 480 32
4 16 500+ s | 16 n
-.300, +.300 10 2 27
- 400, +.200 2 40 3
5 s M
" a1 PRELOAD
3 2 w Jo |2 18

Although the influence of local buckling is the most significant conclusion in these tests, several
secondary conclusion may be made by comparing various tests. Some of these are intuitive, but
they have been quantified in these tests.

Tests #3 & 9 - high b/t leads to lower fracture life for the same displacement range and




period.
Tests #7,8 & 9 - higher displacement range leads to lower life.

Test #10 & 9 - mean displacement may have an effect. However, Test #10 was an
exception 1o the general behavior in that a reversal in buckling direction occurred after
the cracks initiated but before the pop across the face. A local buckle then formed on
the other side, followed by crack initiation, pop and another direction reversal. Cycling
on both faces may account for the longer life than Test #9, which had the same range.
Test #10 was the only test with full tension yield.

Tests #da & 5 - precycling may be beneficial. Test #4a was a continuation of Test #4,
but with higher displacement range that corresponded to Test # 5 in both displacement
range and period.

Tests #7 & 8 - variations in loading rates at periods greater than 16 seconds have no
influence on fracture life.

Tests #2,5 & 3 - low periods have a beneficial influence on fracture life.

These pilot tests demonstrate that the only important parameter in determining whether HSS
braces will survive a seismic event is the formation of local buckles. The column tests can serve
as benchmarks for analytical studies to determine the axial displacements at which local buckles
form as a function of b/t, KL/r and the yield strength.

CONCLUSIONS
Several conclusions can be made from the overall discussion in this paper.

With an extended definition to include stability considerations in existing structures,
"deterioration” can take many forms in addition to damage and corrosion.

There are a variety of everyday and catastrophic causes of deterioration that affect
different types of structures to a greater or lesser extent.

Assessment procedures are in various stages of development in industries concerned with
different types of structures.

Rehabilitation methods require ingenuity and research.
Detailed research on behavior is required to develop guidelines to deterioration causes,
assessment procedures and rehabilitation schemes.

There is a critical need for dissemination of information by practitioners who have had
success in assessment and rehabilitation methods.



RESIDUAL STRENGTH AND REPAIR OF DAMAGED AND DETERIORATED
OFFSHORE PLATFORM TUBULARS

J. M. Ricles, W. M. Bruin, T. K. Sooi, M. F. Hebor, and P.C. Schiinwetter
Department of Civil and Environmental Engineering, Lehigh University

ABSTRACT

The results of several current research programs related to the behavior of dented and corrosion-damaged
tubular brace members and their repair is presented. Investigations were conducted involving large-scale
testing and anmalytical studies. The analytical studies involved assessing the abiliry of several different
methods of analysis, including simple engineering calculations and more sophisticated nonlinear finite
element analysis, to predict damaged and repaired member behavior. The results of the test programs
Mnﬁunugnmcmmhmdeummmcmumdnrwmmm”mmm
damage. The extent of the ability of a repair 1o rei a di ber to its original design strength
w}h-dmdrpmdondwmmdmednmgr mnmmcymdrefmbﬂwd:heandvnmrmhdxm
predict damag, ber behavior are illus d

INTRODUCTION

Presently, there are over 3500 major offshore fixed platforms located in US. waters. These
structures exist in a hazardous environment, being constantly susceptible to collision with marine vessels
and dropped objects which can cause damage consisting of dent damage of depth d, and out-of-straightness
B, (see Fig. 1), Surveys have reported’ that a significant number of fixed offshore platforms in the U.S. have
dent damage.

The marine environment also exposes these platforms to corrosion, requiring the use of
counteractive corrosion measures, such as cathodic protection systems and protective coatings. Despite
these measures, there are numerous cases reported of platform members which have suffered corrosion
damage'*. Shown in Fig. 2 is a schematic of a corroded brace member which had been removed from a
Gulf of Mexico platform. A survey of this member by Ostapenko et al." indicated that the member had
significant corrosion, consisting of some uniform, but mostly patch-type corrosion. The latier type of
corrosion causes a non-uniform reduction of the cross-section’s wall thickness. Testing of this, as well as
another similar member, resulted in a capacity reduction of 35% and 50%, respectively, compared to a
corresponding non-corroded tubular. The loss in capacity is attributed to a premature Jocal buckle which
formed in the most severely corroded area of the two specimens.

Improvements in oil recovery methods and economical justifications have resulted in many
offshore platforms remaining in service beyond their original design lives. The effects of corrosion and dent
damage on the safety of these as well as newer structures has become a growing concern. Knowledge of the
residual strength and repairability of dent-damaged and cormoded members is highly relevant to the safety,
as well as the repairability and requalification of all platforms.

The strength of members with dents, both with and without out-of-straightness, has been a subject
of extensive research since the late 1970°s""". Most of the previous experimental work has involved small-
scale specimens, where the diameter D is less than 76 mm and the dent-depth d, less than 0.2D. Even fewer
mﬂahuhemmhimﬂubdnmofmpnmdhmummmw“" Virtually
mmwch.exxptfuﬂubyompmknud has been conducted on the subject of the affect of
corrosion on structural performance.
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The need to acquire more knowledge about the residual strength and repair of dent damaged and
corroded offshore tubular members led to the h report herein. The objectives of these studies” ™ *
were (o investigate the behavior of dented and corroded tubular bracing members in order to assess residual
strength, and to evaluate their repair by either internal grouting or grouted sleeves. These studies involved
both experimental and analytical investigations, where the former utilized large-scale test specimens. The
analytical investigations included performing parametric studies to assess the effects of vanous geometnical
and material properties on member behavior,

RESIDUAL STRENGTH AND REPAIR OF DENTED BRACING

Experimental Program

The experimental study iated with the residual strength and repair of dent-damaged bracing
involved testing the 27 large-scale specimens summarized in Table 1. The range in nominal dent-depth d,
was from 0% (no dent damage) 1o 30% of the specimen’s diameter D and the out-of-straightness 8, varied
from about 0.001L to 0.01L (where L is the specimen’s total length). Non-damaged, dent-damaged, and
grout repaired dent-damaged specimens having nominal diameter-to-thickness mtios of DA = 34.5, 46, and
64 were tested. In some cases specimens with & D/t = 69 were tested i lieu of those with DA = 64. The
repaired specimens were either grouted internally or externally, the latter involving the placement of grout
between the member and a steel sleeve which was positioned around the member in the dent-damaged
region. All specimens had a nominal diameter D of 219 mm, and an overall length L that ranged from 4542
mm to 4585 mm in order to maintain a slenderness ratio kL/r of app Iy 60. M d values for
. 4/D, D, t, and §, for each specimen are given in Table 1. The testing of the specimens in the test matrix
enabled a direct companison to be made between the strengths of: (1) grout repaired and I
dented members; and in some cases (2) non-damaged and non-repaired dented members. as well as (3) non-
damaged and grout repaired members.

The dented specimens were damaged under controlled conditions using a blunt headed steel wedge
and a overhead test machine, where the former was slowly displaced into the side of the tube at midspan to
obtain the target depth of the induced dent-damage. In order to minimize the development of global out-of-
straightness during the denting process, the member was continuously supported with a bed of hydrostone
placed along a length of 609 mm on both sides of midspan. The out-of-straightness §, following denting was
less than 0.01L for the most severely dented specimens (d, = 0.3D). The matenial properties for each
specimen, consisting of steel tensile yield strength o, and grout compressive strength f, (for repaired
wnm)mmnmdbymndudmhm”'“andmmmdmﬁbkl All specimens were
fabricated from AS3 Type B wbular steel, which were annealed to obtain representative prototype yield
strengths. Following denting, each specimen was then tested in the self-reacting 2224 kN test frame shown
in Fig. 3. Compressive loading was applied to a specimen using a pair of hydraulic hollow-core jacks, each
tensioning a rod that reacted against a load beam at one end of the specimen. The test frame featured
frictionless spherical bearings at each end, which held a specimen in place and provided pin-ended
specimen boundary conditions. Each specimen was fully mstrumented to measure axial load, strains,
growth in dent-depth, axial shortening. and out-of-plane global displacements dunng the test Each test was
initially conducted under load control up to peak specimen capacity, after which displacement control was
used to capture the post-ultimate behavior of the specimen. Specimens were tested under monotonically
applied axial load with an end eccentricity of eithere = 02D ore = 0.0D (concentric axial load).

The normalized axial load-axial shortening response of specimens having Dt = 64 and an
eccentrically applied axial load is shown in Fig. 4. It is seen in this figure that a dent-depth of 0.1D
(Specimen C2) can reduce the member's ultimate capacity to approximately 71% of the strength of o
corresponding non-damaged specimen (Specimen C5). A further companson of non-repaired specimen
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residual strength P, 1o the non-damaged capacity P, is summarized in Table 2 and shown in Fig. 5. The
results from Specimen C1 are excluded from all of the discussion herein since its test data is suspect. The
more deeply dented specimens are shown in Fig. 5 1o suffer a loss of capacity to as much as 26% (Specimen
C8, Dh= md-osn)dﬂnwm;w? The non-damaged capacity P, was
based on the Structural Stability Research Council's™ Column Curve 1 for those comparisons in which a
non-damaged member was not tested.

Both the internally grout repair (Specimen C3) and grouted sleeve repair (Specimen C4) are shown
in Fig. 4 10 have reinstated the strength of a damaged member having a dent-depth of 0.1D to beyond the
capacity of a non-damaged member. A comparison of the repaired strength P, with the non-repaired
residual strength P, as well as with the undamaged strength P, , for all corresponding specimens of the test
matrix is given in Table 3, The relationship between normalized dent-depth d /D and the repaired capacity-
design strength ratio P /P, for the test specimens is shown in Fig. 6. Fig. 6 and Table 3 both indicate that
the grout repair of members with dent-depth of 0.1D and having a different DA ratio, which include
Specimens C3 and C4 as well as Specimens A3 and B3, resulted in an increase in their strength above the
non-repaired strength P, The repair reinstated each of these specimens to a strength greater than their full
non-damaged capacity P, The non-repaired specimens were observed to develop a significant inward dent
growth, which was accompanied by an ovalization of the dented cross-section. Both the internal grout and a
grouted sleeve repair inhibited a growth in the dent-depth, the former by obstructing the dent from growing

Internal grouting alone, however, is evidently unsuccessful i reinstating a member with a more
severe dent-damage (d, = 0.3D and §, = 0.006L to 0.01L ) to its full non-damaged capacity P, as shown in
Fig. 6. This figure implies that iternal grouting is successful if the original dent-depth d, is less than or
equal to approximately 0.15D to 0.2D. For a deeper dent-depth, a greater reduction in the cross-section's
moment of inertia as well as a larger amount of out-of-straightness 8/1. occurs, thus making it more
susceptible (o0 an overall column-type compression failure. For the values of out-of-straightness of the
specimens tested, there appears (o be a d /D ratio between 15% and 30% beyond which internal grouting is
not a viable repair method to restore the member's strength. Further studies of internal grout repair of
members having d/D in the range 0.15 to 030 are curently being conducted to refine the limit of
repairability by internal grouting.

Analytical Program

Several different methods of analysis were used to predict the capacity of the non-repaired and
internal grout repaired specimens having dent damage. These methods included: (1) beam-column analysis;
(2) moment-thrust-curvature (M-P-$) based integration analysis; and, (3) the non-linear finite element
method (FEM). Measured material properties, out-of-straightness, and geometric dimensions of each
specimen were used in each method of analysis.

For the non-repaired specimens, the beam-column analyses involved two formulations, namely: (1)
UC-DENT, and (2) unity check equations. The UC-DENT approach'™ ™ uses beam-column theory to obtain
the quadratic expression shown below from which the ultimate axial load P_ of a dent-damaged tubular
brace can be obtained:

_LL e(l&C

gt

.:5_ i. ,¢|+o, Jﬂ(n_g_) m




12

The analysis accounts for end eccentricity, e, and initial out-of-straightness, §,. Failure of the dent-
damaged member is assumed 1o occur when the stress in the dent saddle of the member reaches its yield
stress 0, not idering any i n ber strength beyond first yield. Eqn. (1) is therefore
considered to provide a conservative estimate for a dented member’s residual strength. More details about
this analysis method can be found in Ricles et al.” . The unity check equations’ consist of moment-axial
load interaction expressions which are based on strength and stability limit states, respectfully, where for

strength:
o g

E

Eqns. (2a) and 2(b) provide an estimate of a dented member's residual strength by setting each interaction
equation to 1.0 (e.g, UC=1.0), and solving for the ultimate axial load P, Eqns. (2a) and (2b) were each
calibrated from analysis of members whose dent-depths d, were generally less than 20% of the member
diameter, and out-of-straightness §, less than 0.01L of the total member length. More details of the use of
Eqns. (2a) and (2b) can be found in Loh".

and for stability:

For the beam-column analysis of the repaired specimens, the formulation of Parsanejad”’ was used
to predict the capacity P, of a repaired specimen, where:

Py=A04 (3a)
and
A O A, A
be s

Eqn. (3b) is based on beam-column theory, with transformed section properties for the undented cross-
section (A,), dmdm{a,) elastic section modulus (S_), and which accounts for member initial

out-of-straightness effects. More details can be found in Parsanejad”.

In the moment-thrust curvature based (M-P-§) approach, the member was discretized into
segments, as illustrated in Fig. 7. thdmwmwﬂﬂmm

second order effects, and to determine the member's axial load-deformation relationship. The M-P-¢
relationship for a dented, non-repaired segment is shown in Fig. 8, which is that by Duan et al.". Note that
this relationship can be used to predict the loading and unloading branch of the load-deformation behavior
of a dent-damaged member. Duan’s M-P-¢ relationship is based on an assessment and regression analysis
of data from over 150 experimental tests of dent-damaged specimens, and represents an empirical
expression for a dented tubular’s moment-curvature response under a given axial load P. The dent-depth
and out-of-straightness values of the test specimens in the database were in the range of up to 0.2D and
0.0IL, respectively. A few tests had d, = 023D and 5, between 0.01L and 0.03L, respectively. Duan's
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empirical expression for the M-P-¢ relationship is very convenient, for during the integration analysis the
curvature ¢ can be obtained directly based on the current moment M and axial load P.

In the analysis of the repaired specimens the member is also discritized into segments, however, the
M-P-¢ relationship of a grouted tube segment has to be computed by separate analyses of its cross-section.
The computation involves generating data points c ponding to the curvature (M-9) response of
the dented and undented sections of the grouted member for a specified axial force P. The cross-section of
the grouted tube 1s first discritized into fibers, each fiber representing either steel or grout, based on the
fiber's location. The material properties are defined for steel and grout fibers corresponding to their stress-
strain curves. A data point corresponding to the M-P-¢ relationship is established by iteration, involving the
locating of the position of the neutral axis within the cross-section for a specific curvature ¢ and axial load
P. Assumptions in the analysis include plane sections remaining plane and full bond (i.e., compatibility)
between the steel and grout. An example of the M-P-¢ relationship for a dented, grouted cross-section is
shown in Fig. 9. Further details of the moment-thrust-curvature M-P-¢ based integration method of analysis
for non-repaired and internal grout repaired members can found in Fan' and Mathew et al ™.

The non-linear finite element method (FEM) is considered the most advanced approach. For this
purpose, the commercially available finite element program ABAQUS™ was used. The finite clement
analysis was based on an updated Lagrangian formulation to capture the effects of large displacements, and
Green's strain and second Piola-KirchofT stress to model the moderate stramn levels and the corresponding
stress conjugate. The von Mises yield criterion with isotropic strain hardening was used in conjunction with
eight node shell elements to model the steel tube in both the non-repaired and repaired specimen analysis. A
typical mesh for the finite element model of a non-repaired specimen is shown in Fig. 10(a). Taking
advantage of symmetry in boundary conditions, the finite element model for the non-repaired specimens
consisted of 422 eight-node shell elements, 1831 nodes, and approximately 10400 degrees of freedom.

The non-linear finite element mesh used for analyzing internally grout repaired members is shown
in Fig. 10(b), where also one-quarter of the member was modeled by taking advantage of symmetry, A
combination of eight node shell elements and eight node and six node solid elements were used to model a
section of the damaged member from the dent to a longitudinal distance of three diameters away. The
remaining part of the member was modeled using beam-column elements. The solid elements were used to
model the internal grout, whereas the shell elements were used to model the steel tube. Full bond transfer
was assumed between the shell and the solid elements. The beam-column elements were assigned section
properties related to those of a composite grout filled beam-column. Constraint equations were used to
ensure compatibility between the beam-column and the shell elements at their interface. The grout was
modeled using the confined concrete with tension stiffening option available in the ABAQUS library for
material models. Taking advantage of symmetry, the FEM model consisted of a total of about 500 elements
and approximately 8300 degrees of freedom.

The finite element analysis of a dented, non-repaired member involved four stages, similar 1o those
of the experiments, namely: (1) supporting the member to prevent imposing excessive global out-of-
straightness damage. and the loading of a knife edge indentor to create the dent-damage: (2) unloading of
the indentor; (3) removal of the indentor and associated support from the model, as well as specifying the
pin-ended boundary conditions; wumplm:uumwmmhm;mmmmxs'mm
scheme to solve for the non-linear force-deformation resp of the ber. The | grout i
mmvulvedmMmdm:m':ofuﬂymhdmmu)m(ﬂ.mmhwmﬂw
solid brick grout elements into the model following denting, and thereby simulate a grout repair of a
damaged member.

A comparison of the experimental residual strength P, with that predicted by analysis, P, for
the non-repaired specimens is shown in Fig. 11 and listed in Table 4. In Fig. 11, the comparison of the
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effectiveness of the various analytical methods is made by plotting the normalized dent-depth d/D against
the P_/P,.., ratio, Wherever possible, additional specimens tested by others' ' * * ™ were analyzed and
inchuded in order to expand the available database. It is seen in Fig. 11(b) that the UC-DENT formulation
provides a lower bound prediction to the experimental capacities, where the mean and coefficient of
variation (COV) for the ratio of P,/P, .. is 1.553 and 0.178, respectively. For a decper dent-depth a greater
degree of conservatism exists in estimating member strength, as evident in Fig. 11(b). On the average, the
unity check results provide a good prediction but larger scatter is seen in Fig. 11(d) when the d/D ratio
excoeds 15%. The mean and COV for the ratio of P, /P, when P is based on Loh’s unity check, is
1.081 and 0.123, respectively. The FEM is shown in Fig. 11(a) to provide the best correlation between

ental and predicted capacities for all ranges of d/D ratios where the P /P, has a mean of 1.018
micovaouss The M-P-¢ approach also provides a reasonable prediction of member capucity where
the mean and COV for the P, /P, ratio is 1.027 and 0.120, respectively, However, a data point associated
with a member diameter-to-thickness ratio of D/t = 69 and d, = 0.3D (Specimen C8) has 8 Py, /P, ratio
equal to 1.56, whereas a specimen of similar dent-depth but with D/t = 34.5 (Specimen AB) has a P /P,
ratio equal to 1.02. The reliability of Duan’s M-P-$ cmpirical expression to predict dented member capacity
for cases with deeper dent-depths and large D/t ratios (DA > 46) deserves further study.

The comparison between the experimental capacities and predicted capacities using Parsancjad’s
method, M-P-¢ based integration, and FEM, respectively, for internal grout repaired specimens is shown in
Fig. 12 as a function of normalized dent-depth d /D, and is also listed in Table 5. Additional analysis of
specimens tested by others™ " " is also included in Fig. 12(a) and (b). The mean for the ratio of PP,
for Parsancjad's approach and the M-P-¢ based method is 1.186 and 1.075, respectively. The companson
shown in Fig. 12 indicates that in general, Parsanejad’s approach is conservative and that the M-P-¢
approach provides a better prediction of the repaired member capacity. A slightly larger scatier between the
predicted and experimental capacities is seen in both of the approaches compared to the UC-DENT and M-
P-¢ integration analysis methods for non-repaired specimens, where the COV is 022 and 0.16 for
Parsancjad's and the M-P-¢ based analysis, respectively. Table § indicates that the M-P-¢ analysis of the
repaired specimens of deeper dent-depth (d, = 0.15D and 0.30D) and DA = 69 significantly over predicts
member capacity. This over prediction is also seen in Parsanejad’s method, and is attributed 1o the Poisson
effect where the wbe's diameter increases under an axial compressive load, causing the tube's wall o
separate from the grout. The consequence of this separation is a reduction of the member's stiffness with
respect to out-of-plane movement due to second order effects. This phenomena is not accounted for in the
formulation for Parsancjad’s and M-P-¢ based analysis methods, and was observed in the experimental
testing to be more prominent in the specimens with a higher DA ratio, The finite element studies were able
to more accurately predict the repaired capacity of specimens with D/t=69, and had the overall best
agreement between predicted (P, ) and experimental (P, sp apacity, as reflected in Fig. 12(c).
For the finite element analysis results, the mean and COV for the ratio of P /P, was 097 and 0.09,
respectively.

Analytical Parametric Study

The M-P-¢ approach s computationally efficient compared to the FEM, and has been shown above
to provide a good prediction for a member's capacity, particularly when the D/t ratio is less than 46, The M-
P-¢ approach was therefore used to conduct a parametric study i order to investigate the interaction of
global out-of-straightness 8/1. and dent-depth d/D on a member's residual and repaired capacity,
respectively, The results for the study having D/t = 34 are shown in Fig. 13(a) which represents a plot
relating the variables §/L and d/D to member ultimate capacity P__. In Fig. 13(a) the shaded surface is
grouting. It is scen in this figure that a greater reduction in capacity, both damaged and repaired, takes place
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when the two effects of out-of-straightness and dent-depth are both considered simultaneously. Similar
results were found for analysis using other values of Dit.

The repaired strength surface and the value for the undamaged strength of a member with Dt = 34
(the latter plotted as a flat surface) are shown superimposed in Fig. 13(b). The non-damaged member had an
out-of-straightness of § = 0.00IL, based on the API-RP2A limit for out-of-straightness”. The line
corresponding 10 the intersection between the repaired strength and non-damaged capacity surfaces
indicates the effect of global out-of-straightness and dent-depth on repairability, and establishes a bound
beyond which the full undamaged strength cannot be obtained by intemal grout repair. For D/t = 34 this
bound can be closely approximated by

;_!so.olll —0,8%--6.{%1)1 , where -d& €033 (4a)

For members with DVt = 46,

%-SD.DI!

) ”%-4.(%1)1 . where 4 <0.36 (4b)

a0d, for members with DA = 64,
%S0.0ITII -13g¢- {%‘]al . where 74 $0.40 )

For a given d/D and D/t ratio, internal grout repair is a viable repair technique to restore a
member’s capacity to its undamaged strength, if the 8/L and d /D ratios satisfy the above inequalities. As
implied by Eqn. (4a), a member with D/t = 34 having a dent-depth which exceeds 0.33D cannot have its full

strength reinstated by internal grout repair, regardless of how small its out-of-straightness
may be. The same is true if d, exceeds 0.36 and 0.40 for members with a D/t of 46 and 64, respectively.

RESIDUAL STRENGTH AND REPAIR OF CORRODED TUBULARS

Experimental Program

The experimental study associated with assessing the residual strength and repair of corroded
tbulars focused on the local buckling strength. A complete description of both the experimental and
analytical program is found in Hebor and Ricles”. As noted previously, in the study by Ostapenko et al.’ it
was found that the patch with the most severe corrosion controls the local buckling of a wbular member.
The study by the authors which is presented herein involved an investigation into the affects the geometry
of a single patch of corrosion had on the local buckling strength, where the patch was idealized as an ellipse.
Cases of multiple patches of corrosion in a cross-section are 1o evaluated in future studies. Unlike uniform
comosion, patch type corrosion causes the centroid of the cross-section to shift in a direction away from
the patch, resulting in larger compressive stress to develop at the reduced wall thickness due to the
combined effects of compressive axial force and flexure acting on the cross section,

As shown in Fig. 14, the parameters needed to describe the geometry of a corrosion patch
include: (1) the length of the major ¢ and minor h axes of the ellipse (where ¢=0.5D@, in which ® and D
are equal o the angle around the circumference which is subtended by the patch, and the outside
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di of the cross-section, respectively, and h is equal to the height of the corrosion, as measured
along the longitudinal axis of the tubular); (2) reduced-to-original wall thickness ratio (1/t); and, (3)
member diameter-to-thickness ratio D/t. There are numerous profiles of the wall thickness within the
comrosion patch that could be described by the parameters ¢ and 1/, as shown in Fig. 15. Measuring
accurately the thickness profile of a corrosion patch is difficult in the field due to inspection limitations
and adverse environmental conditions. Consequently, the experimental test program involved testing 10
specimens having different sets of values for D/, /1, and ©, with a thickness profile in the paich that was
similar to that shown in Fig. 15(b), which will be referred to as the “experimental” profile. The affect of
thickness profile on a member's local buckling strength was assessed analytically by examining a “step”
and “cosine” thickness profile shown in Fig. 15(a) and (c), which would represent two extremes. The
results from this parametric study will be discussed later. A parametric study was also conducted which
determined that the member's local buckling strength was independent of the height h of the paich, as
long as h was equal to or greater than 0.5D. In all test specimens a value of 0.5D was used for the height
of the corrosion patch.

The matrix of 10 test specimens is shown in Table 6, where D/t ratios of 34, 46, and 64 were
investigated. The nomenclature used to identify each specimen in the test program consisted of the DAt
ratio, 1/t ratio, and ©, as shown in column | of Table 6, Hence, Specimen 34-33-58 was a tubular
member having D/t=34, 1/t = 0,33, and © = 58 degrees. Specimens 34-100-0, 46-100-0, and 64-100-0
were non-corroded tubulars which were used as control specimens. Specimen 46-00-95 had an elliptical
shaped hole, simulating a case of ion which had progressed completely through the wall thickness.
All specimens, except for the non-corroded ones, had a length of L=1409.7 mm and a slenderness ratio
of Lfr = 18.5. The non-corroded specimens were actually stub columns having a length equal to 3.5 times
their diameter. All specimens were fabricated from ERW AS3 Type B steel tubulars. Each specimen of a
particular D/t ratio was cut from the same tubular. In order to obtain material properties representative of
in-situ offshore tubulars, the steel wbulars with D/t = 34 and 46 were anncaled. The average static yield
stress O, and ultimate stress @, are reported in Table 6, and were determined by conducting standard
ASTM" tensile coupon tests. The results for 6, coincided closely with that determined from stub-column
tests. The stub-column tests were done in accordance with standard procedures™. Stub-column stress-
strain curves indicated that the led tubulars had virtually no residual stresses. The specimens
fabricated from the tubulars of D/t=64 were found to have a linear stress-strain curve up to at least 90
percent of the compressive yield stress, indicating that there were no significant residual stresses present
in these specimens. Hence, the experimental results reported herein do not include the effects of
fabrication residual stresses, however, an analytical study of residual stresses’ showed that they had little
effect and in some cases actually increased the residual strength of patch corroded tubular members. The
maximum difference in member capacity when ting for residual was found 1o be 2%.

Corrosion damage to the specimens was simulated by reducing the wall thickness by
mechanically removing material with the use of a hand-held electric powered grinder. This simulation
method was determined 10 be adequate, since corrosion is known not to cause any material property
changes 1o tubulars having a yield strength less than 690 MPa. As noted previously, the contour of each
specimen with corrosion had an idealized profile, consisting of zero slope at the most reduced area and at
the edges of the corrosion patch (e.g at the center and the edges of the ellipse of corrosion.), This
mmwu&nﬂmﬂnhﬂdﬂuﬂudmmfmmdmmlmu&d
specimens’. During the grinding process, measurements were performed 1o ensure that the correct
Mxedw:uthnkucummmummuaﬂhecmwmmwfmnwdumgl
template of the corrosion profile and also with ull ic methods. Ul i measurements
for Specimens 34-33-58 and 34-33-95 are shown in Fig. 16 as an unfolded surface over a longitudinal
length of 0.5D. Thickness reduction values t, for each specimen are given in Table 6, where they have
been normalized by the original d wall thick: . The di . D, and wall thickness, t, of
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each specimen were also measured, with averaged values included also in Table 6. As noted above, the
height h of each corrosion patch was equal to 0.5 D (110 mm).

Each specimen was tested in a 2670 kN Satec overhead testing machine, as shown schematically
Fig. 17. The instrumentation plan is also shown in Fig. 17, and consisted of a load cell to measure the
applied axial load; transducers to monitor specimen axial shortening, radial movement of the corrosion
patch due to local buckling: with longitudinal strain measured using strain gages. Each specimen was
also white washed in order to observe the development of yield line patterns,

The testing of each speci | with load d under displacement control at a rate
dOﬁwmmMMwmmdmmmeMumnn:mfm
events, such as the onset of focal buckling and maximum load, in order to obtain static foad
measurements. The test was terminated when cither the specimen capacity had degraded to BO percent of
the peak axial load, or the specimen’s axial shonening reached approximately 13 mm in the post-ultimate
load range.

Typical resp of a ded began with lincar elastic behavior, and uniform
1mpnﬂmdmmunwﬂmlhuspaclm As the axial shortening was increased, the axial load also
increased and the longitudinal strains in the corroded cross section became non-uniform, while the
strains in the cross-section at 0.5 D away from the corroded cross section remained uniform. Yielding
was observed 1o first occur in the corrosion patch with a subsequent pronounced local buckle forming at
the center of the corroded patch. The ultimate load of the specimen was attained three to five percent
above the load at which the local buckle first formed. For all specimens, except Specimen 34-33-58, the
local buckle mode was an outward movement and resembled an “elephant-foot” mode, initinting at the
center of the corroded area and propagating around the circumference. The local buckling in Specimen
34-33-58 caused an inward movement. The inward or outward mode of buckling was dependent on the
aspect ratio (¢/h) of the patch of corrosion. The ion patch for Speci 34-33-58 had an aspect
ratio very close to 1.0, resulting in the inward local buckle becoming the critical mode. All other
specimens had a corrosion patch with an aspect ratio ranging from 1.67 to 5.47, resulting in the outward
local buckling mode. Both modes of local buckling are shown in Fig. 18,

As the axial deformation was continued, the buckling became more pronounced as it propagated
around the circumference of the cross section. In addition, yielding became more extensive in the
corroded cross section and also propagated around the circumference. The consequence of the yielding
and local buckling was a loss of capacity, as shown in the axial load-deformation response of Specimen
46-33-95 given in Fig. 19.

A summary of the exp | axial load capacity P, of each specimen is given in Table 7,
where they have been normalized by the full axial yield capacity P, The experimental capacity of the
non-corroded specimens (34-100-0, 46-100-0, 64-100-0) were all equal o 1.0 P The axial load-
deformation response of Specimen 46-100-0 is compared with that of Specimen 46-33-95 m Fig. 19,
vhunnsmdm:muloalmcumguuseduugmfmloudupmrymﬂuecmudadspuclm A
comparison of the ratio of P___/P, of the corroded and d specimens in column
3dTabIe?mdncmdullhel«mfmgmmcnrmdedspecumwilhDn-]‘nngndﬁomtpem(
10 32 percent, where a greater loss occurred for specimens with deeper corrosion (e.g. smaller t/t values)
and wider corrosion patches (e.g. larger © values). An examination of corroded specimens having
Mmd&-‘)i‘ shows a reduction in capacity of 8 p to over 21 percent compared to
their non ded capacity. prsml&-B}OSushownmbwemﬂuednwpcw
redncdonmmmglhdulocmwn Acompnmon with Specimen 34-33-95, which has a lower DA
ratio but with the same extent of corrosion and a 17.5 percent capacity reduction, indicates that corroded
specimens with larger D/t ratios have a slightly larger capacity reduction due to the ion patch. The
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influence of the above parameters on the capacity of a ded ber will be di d more under
the results of the analytical parametric study.

The experimental program to study the repair of patch corroded members also included the
testing of two repaired specimens. The two repaired specimens were inflicted with the same corrosion as
Specimen 46-00-95 so that a direct comparison of repaired and non-repaired specimen capacities could
be made. With respect to each other, the two repaired specimens were identical except for the grout used
to fill the annulus between the sleeve and the damaged tubular. One of the repaired specimens used a
cement-based grout (Specimen 46-00-95-C), while the other used an epoxy-based grout (Specimen 46-
00-95-E). The two repaired speci and non-repaired Specimen 46-00-95 are shown in Fig. 20.
Because the purpose of testing was (o investigate a concept rather than a specific repair, the sleeve was
not designed as it would be in practice, for the sleeve was not split into two halves nor were there any
clamping brackets. The steel sleeve used for the repair had an inside diameter of 257 mm, a wall
thickness of 9.5 mm, and a length of 267 mm. These sleeve and tubular dimensions produced an annulus
between the wbular and the sleeve of 19 mm. To prepare the wall surface of the wbular for the repair
sleeve, as well as provide a consistent, uniform surface rough the grout surfaces of the
tubular and the sleeve were sandblasted to a consistent roughness of approximately 3 mils, Based on
material tests”, it was determined that the epoxy-based grout had a bond strength and compressive
strength approximately 7.6 and 1.8 times greater, respectively, than that of the cement-based grout.

The test setup, and instrumentation were the same as that for the non-repaired specimens, as
shown previously in Fig. 17, with the addition of eight longitudinal strain gages around the
circumference of the outside surface of the repair sleeve at mid-height, and eight more longitudinal strain
gages along the length of the sleeve on the 0 and 180 degree sides.

‘nae nun-mpmnd specimen (Specimen 46-00-95) had a static residual strength of 0.783P,
ity reduction of 21.7 percent compared to an undamaged tubular. The normalized
ummwwdm:wimuﬂomdmﬁl 21, where it is compared to that of the
repaired, as well as the non-cormmoded (46-100-00) tests. It is apparent from the normalized load-
deformation plots in Fig. 21 that both repaired specimens, 46-00-95-C (Cement-based grout) and 46-00-
95-E (Epoxy-based grout), were successful in reinstating the capacity to that of the undamaged member.
For both of the repaired specimens the sleeve was stiff enough to provide proper hoop restraint to
confine the cross section from buckling outward. Both repaired specimens failed by gross yielding of
their cross section outside the sleeve repair.

While the ultimate load was not affected, there is a definite influence of grout bond strength on
the behavior of the repair. The lower strength cement-based grout resulted in a more non-uniform strain
distribution, yielding, and an eventual inward local buckling of the ded cross section, as well as an
overall excessive lateral deflection of the specimen. These undesirable effects were caused by the lower
bond (1.1 MPa) strength of the cement-based grout which could not preserve full compatibility between
the mbular and the sleeve. These effects also account for the “softening” and nonlinearity of the load-
deformation plot just prior to the ultimate load (see Fig. 21(a)). The damaged cross section still
possessed an internal eccentricity and reduced gross section, leading to a reduced resistance to local
buckling: however, the effects of these problems was minimized by the confinement of the sleeve. In
contrast, the epoxy-based grout had a bond capacity (.38 MPa) high enough to preserve the
compatibility between the tubular and the sleeve, which prevented yielding and local buckling of the
corroded cross section, The normalized load-deformation plot in Fig. 21(b) is linear up to the ultimate
load. It was found that the strain distribution was more uniform throughout the epoxy-based repair and
lateral deflections were reduced by over 80%.

Other positive aspects about the use of epoxy-based grout include the curing time and the
inertness of the epoxy. The epoxy-based grout reached 80 to 90 percent of full strength in twenty-four
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hours (epoxy-based grout cubes exceeded a compressive strength of 55.2 MPa in 24 hours), and reached
full strength in seven days. In contrast, cement-based grout attains only minimal strength afier twenty-
four hours and needs 21 to 28 days to reach full strength. Furthermore, the epoxy-based grout is not
influenced by contact with water, and can be used o displace water without detnimental effects. In
contrast, the strength of the cement-based grout is highly dependent on the water to cement ratio.
Therefore, the quality of the cement-based grout can be more affected by forcing it to displace water
during a repair.

Analytical Program

The commercial finite clement program ABAQUS” was used to perform a finite element
analysis of each of the non-repaired corrosion specimens. Material properties from the tensile tests and
nominal dimensions of each specimen were used in the finite element models. The same eight node shell
eclement, the material modeling for the steel tube, and the solution scheme that was used for the analysis
of the dent-damaged specimens was utilized in the analysis of the corroded specimens,

Taking advantage of symmetry about mid-height and the cross section, and by using the
appropriate boundary conditions, only one quarter of each specimen had to be modeled (as shown in Fig.
22). The finite element mesh was refined in the arca where corrosion existed (e.g. near mid-height of the
specimens). A typical mesh had 350 sheil elements, and 7000 degrees of freedom. The reduction of the
wall thickness due 1o the corrosion was modeled, as shown in Fig. 23, by assigning each clement (3 in
the corroded area with an associated reduced thickness 1 and an associated mid-surface offset. The mid-
surface offset was created by assigning coordinates to the element nodes corresponding to the

iate offset. Modeling the corrosion in this manner attempted to align the inside face of each
element while staggering the outside face, in order to simulate a thickness reduction occurring from the
outside wall surface,

Several initia) analyses were conducted to assess the sensitivity of the capacity of the wbular
member to the element mesh, particularly in the corrosion patch area. It was found that good agreement
with experimental results was obtained when considering the thickness reduction 1o occur over a
rectangular area of height h in the specimen’s longitudinal direction which was equal to or greater than a
critical value h_ of approximately 0.5D. The distance h_ is associated with the minimum corroded
distance for which the local buckle wave can form in the longitudinal direction of the specimen. This
greatly simplified the analysis, for only the elements within the rectangular area of width ¢=0.5D© and
height h_ needed 1o have a reduced thickness. As noted previously, the experimental study concentrated
on corrosion patches with height h greater than or equal to h_, and therefore, the height of the corrosion
patch was not considered as a parameter. For patch corroded tubular members with h less than b, the
assumption of h equal to h_ would produce a conservative estimate of the residual strength.

A companison of the predicted specimen capacity P, by the finite element analyses with the
experimental result P__ is presented in column 4 of Table 7. The agreement is shown 1o be good, with
the ratio of P /P ranging from 0922 to 1.0, with a mean of 0.980 and a coefficient of variation
(COV) of 0.024. The results for the finite element analysis and experimental study are also plotied in Fig.
24(a) where good agreement between the two is also evident.

A simplified elastic analysis for predicting the capacity of each non-repaired specimen was also
performed. The centroid shift, ¢, the section modulus, S, and the area, A, of the corrosion-damaged
cross section was calculated by discretizing it into 100 segments and summing the first and second
moments for each segment about the geometnc center of the cross section. The stresses from direct axial
loads, flexure due to the centroidal shift, and fixed end momenis, M,,,,, were then superimposed and
equated to the yield stress of the specimen as follows:
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P, Pe M

The load, P,, to cause the stress at the center of the corrosion patch to reach yield was then determined.
This load was used as the estimate, P,_, of the capacity of the specimen. The fixed end moments, M.,
were determined from analysis, and found to cause no more than a 3 percent increase in the predicted
load, P__. The yield stress &, was used in Eqn. (5) in lieu of a theoretical local buckling stress o
because all the specimens were observed to develop yielding i the center of the corrosion patch prior to
when local buckling in the patch had occurred. This simplified elastic analysis produced reasonable
results, mhnwmoﬂmsdTﬁcTnﬂﬂmmncmhmmwmm
experimental results in Fig. 24(b). The agreement between the predicted capacities and the experi
results is good, with values of the ratio P,__/P, _ ranging from 0.849 to 1.04 (see Table 7), and having a
mean of 0.977 and COV of 0.051.

Parametric Study

Several parametric analytical studies were performed in order to assess the affects of the
geometrical parameters which describe the corrosion patch and tube, mamely: A, ©, and DA. Also
included in these studies was the affect of the profile within the corrosion patch. Three profiles were
studied, which had been referred to carlier (see Fig. 15), namely: (a) “step”; (b) “experimental”; and, (c)
“cosine”. The “cosine™ and “step” profiles represent the upper and lower bound, respectively, associated
with the member's local buckling strength for a given set of values for the parameters 8 and t/t. The
purpose of investigating profile effects was to assess the difference between these two bounds, since in
practice it is likely that the thickness profile cannot be measured accurately in the field, and consequently
it may be desirable to use the “step™ profile if it is not overly conservative.

Shown in Fig. 25 are selected results associated with the “experimental” profile and where
h=0.5D. Each set of results presented in Fig. 25(a), (b), and (c) represents a series of analysis where two
of the three parameters 1/t, ©, and D/t were held constant, and the third varied. The ensuing relationships
between the normalized member capacity P/P, and the independent parameter that was varied, either 1A,
8, or DA, are each known as coordinate functions. Fig. 25 indicates that each of these coordinate
functions is linear. Furthermore, the member local buckling capacity P /P, is shown to be significantly
sensitive 1o the parameter © (see Fig. 25(a)) and 1/t (see Fig. 25(b)), whereas it is not as sensitive to the
member's DAt ratio (see Fig. 25(c)).

A data base was developed by conducting 29 analyses, in which the parameters t/t, ©, and D/t
were systimatically varied in the analysis models. Included in these analyses were models of the
experimental test specimens. The linear coordinate functions were subsequently combined using 2 multi-
variable regression analysis to obtain a closed form expression for P /P, as a function of the parameters
t/, 8, and DA, where:

PP, = :.n-o.ool(lE)m.osz(f‘l] -0.0026(8) - o.wzs(f'xlo} (6a)
in which

usR<io0 0sks<10 SO (6b)

A comparison of the experimental specimen capacity P__ and the predicted value P, by Fqn. (68) has
the ratio of P___/P, ., ranging from 0.894 to 1.02, see Table 7, with a mean of 0.977 and COV of 0.044,
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indicating that good agr nt exists between the predicted and experimental capacities. A comparison
bﬁmntbeupeﬂmnulandmgrmmnmalysisupwitypndicumhmmﬁ; 24(a). The
comparison between the finite element analysis results for member capacity P, . in which the
former was used to create the database for the regression analysis, is given in Fig, zqcﬁhw
between P . and P fmlkmmnynsmumly‘mmu:me__J?_mvm
ﬁmommns mm-mnrlmlmm\rowou

The affect of the thickness profile within the corrosion patch on member local buckling strength
PP, is shown in Fig. 26, where the coordinate functions are plotted for member strength with 8, 1/1, and
D/t as the independent variables, respectively, for the “step™ and “cosine™ profiles. Fig. 26(d) shows the
affect of the normalized patch height WD on P /P . where the experimental data has been superimposed.
The results in Fig. 26(d) indicate that for both the “step” and “cosine™ profiles that the decrease in
strength P /P is constant for a patch height h greater than or equal to 0.5D. The maximum discrepancy
in P/P is 14% between the results based on the upper and lower bounds computed using the “step” and
“cosine™ profile. The experimental data is within 7% of the two bounds. The remaining coordinate
functions (Figs. 24(a), (b), and (c)) are shown to vary linearly for both profiles, with the difference
between the wobecomin;lnguudumoﬁmpnh width (8) and depth (1/1) increase (see Fig. 26(a)
and (b))

The discrepancy in the prediction for P/P, using the “cosine” and “step” profiles is 10% and
14% for 8=60" and 100', respectively, and increases to 45% for 8=320" (see Fig. 26(a)). The latter case,
where 8=320" and 1/t =0.33, is considered to be a significantly corroded case. The discrepancy is much
less when varying 1/t , where the predicted strength P /P, based on the “step” and “cosine™ profiles is
within 7% and 12% of each other when t/t is equal to 0.66 and 0.33, respectively (see Fig. 26(b)). The
discropancy in the predicted value for P/P, using the two “step” and “cosine” profiles remains fairly
constant as the D/t ratio increases, being about 13% (see Fig. 26(c)). In all cases, the experimental data is
bounded by the “step™ and “cosine™ profiles, and is within 7% of these bounds,

Although there is some difference in the predicted strengths using the “cosine” and “step™
profiles, actual corrosion patch profiles will fall in between these profiles and the predicted strengths
from them will bound the actual capacity. An assessment of the results presented in Fig. 26 indicates that
the difference in the results for P/P, based on the two bounds is at most 14% when 8 is less than 120",
where the patch width ¢ is one-third the member circumference (e.g., ¢=0.33D), and anticipated to be
26% when 8=180" (corresponding to ¢=0.5D). Considering the uncertainties associated with the analysis
of an offshore structure, including wave load estimation as well as | modeling of ibers and
lhefwndlum.mu»dlfﬁcullymmuelymgumlmmﬁlu |llppmlobemmlw
conservatively use the “step” profile in assessing the local buckling strength.

SUMMARY AND CONCLUSIONS

The results of an experimental and analytical study show a significant decrease in the ultimate axial
load capacities of tubular members having dent-damage. The non-linear finite element and moment-thrust-
curvature based analysis methods are both able to predict reasonably well the behavior of the non-repaired
specimens with dents. The M-P-¢ approach is able to also reasonably and efficiently predict the behavior of
repaired specimens having DA ratios of 46 or less. Parametric studies indicate that the interaction of dent-
depth and out-of-straightness can have a significant effect on a member's ultimate capacity. An internal
grout repair was shown experimentally to be able to reinstate a member to its onigimal strength if the out-of-
straightness and dent-depth were less than approximately 0.002L and 0.15D, respectively. Analytically it
was found that internal grouting is unsuccessful in restoring the capacity of members with D/=34 and
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having a dent-depth of 0.33D or grester and no out-of -straightness. Similar results have been found for
members having [Vt = 46 , 64, and 69

The results of an experimental and analytical study on the residual strength of short steel tubulars
with idealized patch corrosion subjected to concentric axial load indicated that a significant reduction in
capacity occurs due to the initiation of local buckling in the corrosion patch. This local buckling is
attributed to the effect of a reduced wall thickness, combined with an amplification of stress at the
corroded area due to a shift in the centroid of the cross section. Nonlinear finite element analysis showed
the corroded specimen capacity to have linear coordinate functions with respect to the corrosion
parameters t/t, ©, and D/t. The shape of the wall thickness profile within the corrosion patch has an
affect on the local buckling strength, but was found not to be as significant as the need to use accurate
values for the parameters © and t/t. The local buckling strength in the corrosion patch is independent of
the height of the patch h, provided that the ion height is equal to or greater than 0.5D. A multi-
variable regression analysis resulted in a semi-empirical expression for predicting the axial load capacity
of short, patch-corroded steel tubulars. The use of a simplified elastic analysis also provided reasonable
approximations of the residual strength. The exterior grouted sleeve repair was found to successfully
reinstate the full cupacity of a corrosion damaged tubular member. Confinement of the corroded cross-
section is the primary mechanism for a successful repair, and low bond strength grouts may be used for
sleeve type repairs. However, epoxy-based grouts are more capable of preventing yielding and buckling
of the damaged cross section because of their high bond strength. High bond strength grout should be
used, particularly when the possibility of inward buckling of the jon patch exist,
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Table 1. Dented Specimen Experimental Test Matrix

D ¢ cl f‘l
Spec. d/0 (e | (mm} | fmm} | S/ (MPa] [ [MPaf Test Description

Al Ms5/(0101| 0 219 | 63 | 00007 | 240 - Non-repaired

Bl 46 |0099| O 219 | 47 | 00009 | 230 Non-repaired

€l 64 |0100| O | 220 34 (00012 | 272 Non-repaired

Cla | 64 |097] 0 | 219 | 34 |00026]| 303 | - Non-repaired |

A2 | 345|008 |02 219 | 63 | 00006 240 | - Non-repaired

B2 | 46 |0100 (02| 219 | 47 |o0026| 230 | - Non-repaired

2 |64 |ooo|o2| 20| 35 [oo0o7| 272 | - \

Al |MS| 009 | 02] 219 | 63 | 0.0006 | 240 102 Internal Grout Repair
B3 4 | 0100 |02 ) 219 | 47 | 00011 | 230 268 Internal Grout Repair
c3 64 (0100102) 220 | 34 100009| 272 | 473 Internal Grout

C4 64 010002 ] 220 | 35 (00012 272 421 Grouted Sleeve Repair
AS | 345 0 02] 219 | 63 | 00002 | 351 - Non-damaged

BS 46 0 02| 219 | 47 | 00001 335 Non-damaged

CS 64 0 |02] 20| 35 |00009) 272 Non-damaged

A6 |M5]0145| 0 | 219 | 64 | 00019 | 262 - Non-repaired

Bé& 4 (0151 0 | 219 | 48 | 00015 262 - Non-repatred

C6 | 69 |0149] 0 | 218 | 32 | 00018 | 290 - Non-repaired

AT | MS5]0151]) 0 | 220 | 64 | 00019 | 262 82 Internal Grout Repair
B7 | 46 |0149| 0 | 219 | 48 |o00019| 283 | 389 Inernal Grout Repair

| B7-a ] 46 101501 0 | 219 | 48 100021 | 283 | 412 Reduced Internal Bond |
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Table 1 (cont'd). Dented Specimen Experimental Test Matrix

B7-b| 46 [0149] 0 | 219 | 48 [00022] 283 | 173 Reduced Grout Strength
c7 | 69 Joaar] o | 218 | 32 [00019]| 290 | 441 Internal Grout Repair
BI7 46 101981 O 219 48 | 00032 283 - _w
AR | 345(0299| 0 | 219 | 64 [00099 | 241 : Non-repaired
cs | 69 o296 0 | 219 | 32 |00060| 290 . Non-repaired
A0 [345|0297| 0 | 219 | 64 [00094 | 269 | 37 Internal Grout Repair
9 | & |o3o0| o [ 218 | 32 [000s9]| 200 | 414 Internal Grout Repair

Nominal D/t ratios are reported
Table 2 Comparison of Non-repaired Residual Table 3 Comparison of Repaired with Non-
Strength with Non-damaged Specimen Capacity. paired and Non-damaged Specimen Capacity.
ey P
Specimen | [N) | PP, Specimen | [kN) | P/Py | PP,
Al 621 0.68 A3 850 | 210 [ 1.3
Bl 440 0.65 B3 520 | 225 | 113
Cl-a 378 0.61 c3 543 265 1.88
Al i 059 a3 329 | 161 | 114
B2 231 0.50 L. : L
P 208 071 AT 1081 | 1.74 | 1.08
A6 2T 061 B7 939 | 233 | 115
B6 400 0.49 B7-a 903 235 L1l
c6 276 0.50 B7-b | 814 | 203 | 1.00
BI7 374 0.46 c7 494 | 179 | 090
AS 276 027 A9 618 | 224 | 059
C8 147 0.26 9 356 | 242 | 064

Table 4 Comparison Between Expenimental and Predicted Table 5 Comparison Between Expenimental and Predicted

Capacity for Non-Repaired Specimens. Capacity for Internal Grout Repaired Specimens.
P-”’P‘
Spec. | Popy | FEM | Numerical | UC-DENT [ Unaty
[kN] Integration Chack Py so/Pruss
E §

Al | 627 |101| 096 46 097 Spec. | Pogy | FEM | Nomerical | Parssssied
Bl | 40 |0o92| 1m 153 Lm [kN] lmegration

Cla | 378 |096] 106 1.58 1.3 A3 | 850 112 1.08 117
A2 | 05 [104]| 096 141 120 B3 s0 | os2 092 096
B2 | 231 [0%0| o034 119 113 ) 543 096 094 091
cz | 208 {os 2| 0% 128 124 AT | w81 | o%2 097 089
A6 | 623 [ 108 097 1.54 1.05 BT | 939 0.90 0.94 0.85
B6 | 400 |102]| 097 132 095 B7a | 903 097 086 083
C6 | 276 | 104 120 148 1.27 BT-b | 814 102 090 086
BI17 | 374 [1o8] 108 186 115 C7 | 494 106 054 0.54
AS | 276 | LO1 102 213 097 A9 | 618 093 1.07 0.96
cs 147 | 105 1.56 188 084 © %6 101 073 067
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Table 6 Corroded Specimen Experimental Test Matrix.

D t vt e c h o, a,

Spec. [mm] [ [mm] (deg) | [mm) | [mm] | pvpa) | [MPa)
34-100-0 2185 64 1.0 0 0 109.5 255.1 400.0
34-33-58 2184 6.5 033 58.4 1112 109.5 255.1 400.0
34-33.95 2187 6.5 0.33 95.7 182.6 109.5 255.1 400.0
34-50-311 | 2184 6.4 0.51 311 592.8 109.5 255.1 400.0
46-100-0 218.1 48 1.0 0 0 109.5 265.5 4137
46-00-95 2182 48 0.0 95.7 182.) 109.5 265.5 4137
46-33-95 218.2 48 0.36 957 182.1 109.5 265.5 4137
46-67-95 2179 0.67 95.7 181.9 109.5 265.5 413.7
64-100-0 2189 34 1.0 0 0 109.5 2689 4206
64-60-95 218.9 34 0.59 95.7 1828 109.5 268.9 420.6

Table 7 Corroded Specimen Axial Load Capacity and Comparison with Analytical Results.

Pl P P
Spec. Ny | nee | wEM | wsm
P P
¥ uop wexp
34-100-0 1065 10 1.0 0997
34-33-58 1071 0916 0969 0978
34-33.95 1072 0825 0974 0991
34.50-311 1054 0.684 0.966 0.849
46-100-0 859 10 1.0 0,997
46-00-95 858 0.783 0922 0.928
46-33-95 858 0.809 0973 1.01
46-67-95 861 0.924 0.988 0.984
64-100-0 614 10 1.0 0.997
64-60-95 614 0.856 1.0 1.04
L
i
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Fig. 2 Corrosion Damage to a Gulf of Mexico Platform Member
[Ostapenko et al. 1993]
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OFFSHORE STRUCTURES - APPROACH TO GENERAL ASSESSMENT

David J. Wisch
Central Offshore Engineering - Texaco Group, Inc.

Abstract

The assessment of existing offshore structures for adequacy is essentially a global stability determination.
A multi-level criteria evaluation process has been developed for Gulf of Mexico oil platforms. The impact
of engineering preference, variation in load developments, sensitivity of load variance and resistance
variance and relationship of comp to system resi variance are reviewed. The overall stability,
and hence reliability, of these highly redundant space frame structures typical of offshore platforms is
shown 1o be most sensitive to the load side of the issue, both load generation and inherent variability, rather
than the local and component stability issues.

Introduction

The offshore oil industry is nearing its golden anniversary before the end of the century. During the first
twenty years, facilities were designed, constructed and operated in a new frontier with each facility being
a unique undertaking with rapid advancements in the practice. Hurricanes Hilda and Betsy in the early
1960's provided an impetus for the industry to collectively review | ! d and develop the first
offshore design standard, the |st edition of APl RP 2A issued in 1967. The ensuing twenty years focused
on the refinement of design practice in the Gulf of Mexico with thousands of platforms being installed.
By the late 1980s, over 3,500 platforms had been installed in the Gulf of Mexico.

Other offshore oil and gas producing areas around the world were also developing during the 1970s and
1980s, By the late 1980s, with over 7,000 platforms worldwide, many had surpassed their original
design life estimates and many more were approaching. As with other civil structures, there was a need
to retain many of these aging structures in service for additional periods of time.

For nearly 50 years, the industry had focused on information and techniques for designing new facilities.
Now the time had arrived to take a more detailed view of the adequacy of existing structures and the
methods to assess the adequacy,

The challenge continues to be understanding the performance objectives and then balancing the details to
satisfy the objectives. Offshore structures are generally highly redundant space frames but simplistically
function as a cantilevered beam-column. Use of historical observation and engineering data must be
evaluated routinely to avoid letting bias creep into the system that distorts the economic and technical
viability,

Process Development

An industry effort was started to develop guid for of existing str similar to the
effort some 25 years earlier to develop design guid: The p has been developed for Guif of
Mexico practice, however the process was developed in a generic context and is now being broadened to
ddress the i ional ity needs.

The assessment process was developed using a top down approach. Top down in the context that
fundamental questions were first asked and then processes and quantitative values developed. The key
questions first addressed were:
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1. What was the process expected to yield?

2. What are the constraints to the process?

Once answers were derived, the following second level objectives were developed:

»  Use of consequence based criteria would be utilized
e Multi-level criteria based on consequence would be utilized. From historical perspectives, three
major classes (with reference to life safety) of facilities could be observed
Manned during the design conditions

N, ity d. but

d during design conditions (manned during normal

operations, but demanned prior to hurricanes - the design condition)

Unmanned

Protection of the environment was also addressed, but in somewhat different manner by
requirements of downhole safety valves, limitation of hydrocarbon release potentials, etc.

*  The focus would be life safety consequences.

*  The process and acceptance criteria would be consistent with present societal practice.

*  Economics would be primarily the owner's responsibility, not one of the standard developer. The
structural standard would not utilize economics as a key factor, though it is an important issue for

an operator managing assets.

- Mitigation of consequences would be an acceptable process to move a facility to a lower criteria

category,

An additional directive, capturing both the business reality and the industry capability, was put forth:
The process should utilize the minimum amount of resources to assure adequacy.

This directive was driven from the view that with over 3,800 platforms in the Gulf of Mexico, there is

insufficient engineering capacity
to perform detailed ultimate
capacity checks on each
structure.  Independent of the
industry  capacity,  histarical
information did not support such
a requirement. Therefore, a three
level analysis/assessment process
was developed and is depicted in
Figure. The triangle on the left
side illustrates the amount of
engineering and field inspection
effort (cost) while the right
triangle illustrates the degree of
conservatism inherent in the
process. When utilizing the

Concept

"Screening"”
Design Check
Ultimate Strength

ultimate strength check, the intent is to eliminate inherent bias in both the load and resistance to
determine the "true” collapse behavior of the facility,

In utilizing a concept of this nature, one of the necessary validations is to assure that a structure passing a
"less rigorous™ check would always pass the "more rigorous”™ checks. The task group spent considerable

time validating this requi via historical review and trials.
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Within the past several years, considerable work has been underway within the offshore industry in
developing both data on damaged components as well as methods to assess the strength of existing
structures. A number of joint industry projects have been focusing on determining strength of damaged
tbulars, primarily in the bent or corroded condition. Additional work has also been performed on the
strength of tubular joints and the foundation capacity, Most of the work has been focused on the
resistance values of components, but very recently more attention is being paid to the systems and loads
issues.

In the offshore environment, the loads issues have always attracted considerable attention. However, the
component resistances have seemed to attract the most attention. This is possibly due to the nature of
components lending to being defined, tested and relative easy to quantify compared to wave loads,
Components can be modeled numerically as well as tested and then the numerical models calibrated.
Performing load testing and calibration to the same level of confidence is orders of magnitude more
complex and costly. Hence, there has always been more of an acceptance of the loads side than the
resistance in many analysts/designers views, It is possibly a by product that most analysts and designers
are structural engineers and not hydrodynamicists, thereby being more accepting of the loads side.

The above can be easily illustrated by looking at the coefficient of variation (COV) used in the recent
LRFD code calibration. Compotient COVs were routinely 15-20% while the load COV was 35% and
greater.

With the 1992 Hurricane Andrew experience and the better understanding of systems reliability, a
number of studies have recently illustrated the impact of the loading and systems on reliability. While
the industry has channeled much money and effort into component resistances, the primary impacts
come from load and systems models.

Characteristics

Offshore structures have a very simple structural objective as shown. They can be viewed as relatively
"squat” cantilever beam-columns with the majority of the bending loads applied near the end (the zone of
the wave activity near the sea surface) and the axial load due to the drilling and production equipment.
Many of the jacket structures are tapered “beam-columns” with length-to-depth (water depth to leg
spacing) ratios in the range of 3-5 to |

While the purpose and essential behavior can be viewed in terms

of a cantilever, the structures themsclves are highly redundant To The Basics
tubular space frames. They typical have Reserve Strength Ratios

(RSRs) of 2-4 with RSR being defined as the ratio of load causing

collapse to the design load. While the structures have a myriad of

sub-assemblies and details (e.g. tubular joints, high capacity

axially loaded piles, wave nh:eklm.. m).lhepmceu must be

developed to bal the infor quired 10 the level of

sophistication desired to determine the simplistic adequacy

structural system acting as a simple beam-column.

Designer's Prerogative

As noted earlier, many designers assume the validity of the loads while focusing on fine tuning the
resistances. In one sense, the offshore industry was fortunate to have much information available from
the performance of structures during Hurricane Andrew when it was developing the process and criteria
for determining adequacy of existing facilities.




Following the issuance of the draft guidelines for assessment, one of the joint industry projects involved
a benchmark study. Interested parties were provided with the guidelines and the engineering details of a
given structure. The parties were provided structural drawings, basic material specifications and the
draft guidelines. To provide a consistent benchmark, all parties received copies of questions and
subsequent clarifications. There were 13 parties performing benchmark analyses.

Each party was asked to provide design leve! load, wave
height selected according to the guidelii-:, ultimate
capacity of the structure, load level when the first tubular
member enters into the non-linear region and the
determination as to whether the structure was fit for

purpose.

An elevation view of the structure is shown at right. The
structure was an actual four leg/pile facility with K-
bracing on all faces. It was located in 157 feet of water
with all dimensions, locations, elevations, etc. defined. It
could be considered a well defined structure with a well
defined set of loading conditions. This level of definition
could be considered analogous to telling a designer to
design a given facility to local building codes.

The objectives of the benchmark were multiple:
1. Determine the varistion in assessment practices
centered on the analysis component,

o

|

2. Validate the premise that a structure would not pass a coarser step while failing a more detailed or

refined step,

3. Utilize feedback to develop the process with more clarity.

The objectives were definitely met, but at the same time, one so

clear.

Y

unant
¥

d finding b

The largest impacts on the engineering assessments are in the definition of the loading model and
designer prerogatives, not in the determination of component resistances.

The technical area that the most effort has been
spent in the past several years, that being the

definition of member resistance, was dwarfed by  g... o, TE————

The results from 13 participants illustrate the Load @ Firs! E—————
Event

wide variation in the process. Some discussion of

results should be made. Values illustrated are for Unimais ey
Capactty

two cycles of reporting. The gray plus black bars
represent the original range of results for 13
respondents. The black bars represent the values

218
192
2487

402s
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after corrections by several participants. The vertical "ticks” represent the mean value reported in the
original cycle. The corrections resulted from incorrect transfer of values to reporting forms, adjustments

to values used in wave height selection due to this-interpretation and several other factors.

The mean values are reported as are the COVs for bath the first and second cycles. It is somewhat
disconcerting to note the 14% COV on determination of base shear after interpretation adjustments and
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errors were addressed by the respondents. A COV of 7-8% would generally be expected to account for
designer interpretations.

The COV's for the load at the first non-linear member event and the ultimate capacity would be expected
to be higher than the base shear as was the situation. Again, however, the magnitude is a cause for
concern.

The variation in ultimate capacity of the structure as reported by six of the respondents is illustrated.
Only six are shown here for clarity with the other seven respondents falling inside the extremes. [t may
be noted that software variation alone does not

account for the differences. Some eight DGSIQHGI’S Prﬁl‘ogaﬂve?
different software packages were utilized and

some significant variations were observed .

between some respondents using the same
software package.

Several observations can be made with the
results.

I. The initial stiffness patterns indicated
are likely due tw the differences in
foundation treatment. Some software
requires the user to utilize an equivalent =100 NIRRT, SRS .
linear spring foundation while other 1000 2000 A000 4000 8000
software allows for explicit non-linear Loed

behavior patterns. Nevertheless, there is cross-over in the ultimate strength determination.

There is no clear correlation between the load at first member non-linearity and ultimate strength.
While the software packages have varying levels of sophistication, the largest variability is due to
the users ability and interpretations.

o 5

A review of these select results presents the following question that need to be addressed:
"Should more time and effort be spent on identifying procedures for the designer to use when
developing loads and computer models?"

No formal follow-up has been attempted 1o ascertain the exact reasons for the variation. Informal
discussion has led to a number of reasoned hypotheses that are believed to be somewhat interdependent.
These include:

*  Attention is not necessarily paid to the details of a process as designers/analysts routinely rely on
past experience even if it is not recommended in a process. This appears to be especially true in
the generation of the environmental loads.

+ Engineers by training are conservative and regularly take a conservative approach leading to a
ripple effect.

¢ Widely varying assumptions are made in the computer modeling. This may be representative of
penoul preference and pm:lm over the years without benchmarking against others.

e P that are hat vague or leave considerable leeway to interpretation will yield widely
varying results.
*  New processes will yield higher variability than p The wave loading recipe is still

being adopted by many even though it was released two years ago. The assessment process, as
noted, is being finalized.
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Systems & Components Example

The second example illustrates the importance of systems understanding in both original design and in
evaluation of existing facilities. The draft assessment process was developed with less inherent
conservatism as the degrees of sophistication increases as illustrated earlier.

Offshore inspections can be very expensive when using divers and cleaning members and joints to
determine the "as-is" condition if necessary for the ultimate strength analysis. It is often necessary to
clean the tubular joints of marine growth and perform visual and NDT testing to determine any adverse
conditions of the joint that would effect the strength. Understanding the system behavior can have a
large impact on the amount and types of inspections necessary to have confidence in the final computed

Detailed nts of dents, bent members, corroded sections, etc. also increase inspection
costs dramatically. In addition to the systems behavior, a thorough understanding of the sensitivity to the
software and analysis assumptions will help bring value to the process. Without this knowledge, it is
difficult or impossible to devise a cost effective inspection program that provides adequate "as-is"
condition of structure compatible with the analysis to be employed.

An elevation view of a structure installed in 1976 is provided immediately at right. The critical loading
direction for this structure is waves approaching from the right to the left placing all the diagonal bracing
in compression. This bracing ——————— e ——

concept is very ftypical of | |
structures built in the 1970's. |
The far right figure is an | | -
elevation view of the same .
structure after rearranging the I | | \
bracing in a pattem more | \
representative of a common
practice in the 1990's. The
framing on the left was analyzed
for determination of adequacy
and an ultimate strength analysis
was performed. For illustration
purposes an ultimate strength : —— ! S—
assessment was performed for the structure illustrated on the right, even though it is not a real structure.
The reframed structure was investigated to illustrate the impact on framing and inherent sensitivity of
components. The sensitivity of components translates directly to level of effort and expense for
inspection.

It should be noted that no redesign was perfc d. Member sizes were retained as is, just reoriented to
yield the given framing pattern.
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same load level as would be expected.

However, the behavior deviates from this point.

hﬂm:ip;fmdmap&nmldm 3*0‘”‘
capacity.

The key issues illustrated here are not the

anmuuimmmmommmy 1.000
the elastic level strength while the other has . o

significant reserve, but the issues relating to =T zl: 4 5 8

inspection costs and understanding of the
complete process:

| 15

For the compression only structure, the buckling strength of the members is critical to the capacity
of the structure. In this case, extra expenditure on determining the condition of the members is
warranted due to the immediate unzipping once the lowest capacity member fails.

For the X-braced structure, increased inspection costs are not justified since redistribution is
present. Sufficient capacity can be maintained even if an isolated member or two has somewhat
degraded capacity provided the degradation is not global in nature.

Mean strength of the compression members is the key factor. As noted earlier, the loading COV
still dominates the reliability measures of the systems relative to the resistance COV.,

Conclusions

wp

~

The recently developed multi-level APY process for determining adequacy of existing structures
provides a consistent and rational approach.

The inherent variability in the load model dominates the uncertainty.

While additional work needs to continue on assessing the strength of damaged or deteriorated
members, the level should be balanced with the uncertainties in the system, i.c, the loads and
designer uncertainties.

The dominant uncertainty in the whole process is the engineer, not the load or resistance elements.
It is critical to understand the objectives and then tailor the process and the details to meet the
objectives. Otherwise, inconsistent results will be obtained and the cost efficiencies necessary will
not be obtained.

Acknowledgments
The assistance of Dan Dolan and Stuart Pawsey of PMB Engineering in performing the capacity analyses
on the structure illustrated is greatly appreciated.






41

STRENGTH OF DAMAGED CYLINDRICAL MEMBERS UNDER
COMBINED AXIAL LOAD AND BENDING

W. F. Chen
Professor of Structural Engineering
School of Civil Engineering
Purdue University
West Lafayete, IN 47907

ABSTRACT

Cylindrical tubular members are used widely in offshore structures, For members in the
wave zone, they are often experienced localized damage caused mainly by supply workboat
collisions or dropped object impacts. The assessment of the residual strength of these dented
members is necessary for repairing aged offshore platforms. This paper describes a practical
method for the analysis and design of denied cylindrical wbular beam-columns as used in
offshore structures. To this end, a computer program, BCDENT, was developed, whose
capability includes analysis of single- or multi-dent tubular members subjected to axial
compression, end moments, and distributed or concentrated lateral loads. The validity and
accuracy of the computer model was verified by comparing analytical predictions with the
available 151 test results. Against the background of this information, design interaction
equations are derived and developed. The proposed method is practical and is therefore
recommended for general use.

INTRODUCTION

In the last two decades, experimental and analytical research on structural tubes has made
significant progress in establishing refined criteria for the design of undamaged cylindrical tubular
members in offshore platforms (Marshall, 1970; Sherman, 1976; Chen and Ross, 1977; Toma and
Chen, 1979; Sherman, 1982; Chen and Han, 1985; Loh, 1990). However, available design
specifications (API-RP-2A, 1989; API-RP-2A-LRFD, 1989; AISC-LRFD, 1993, AISC-LRFD,
1989) give no specific information on how localized damage affects the behavior and strength
of dented cylindrical members under field service conditions. To assess the fitness of these
offshore structures in service, technical information is needed for these dented members in terms
of both their behavior and ultimate strength.

Damaged cylindrical tubular members were first studied experimentally by Smith,
Kirkwood and Sway (1979). During the 80's, a considerable amount of experimental and
theoretical research about the effects of damage on the strength and behavior of these members
has been conducted (Smith and Dow, 1981; Smith, Somerville and Swan, 1981; Ellinas, 1984;
Ueda and Rashed, 1985; Richards and Andronieous, 1985; Yao, Taby and Moan, 1986; Taby and
Moan, 1985 and 1987). Recent, MacIntyre and Birkemoe (1989) used a nonlinear finite element
shell analysis (ABAQUS) to investigate the denting and subsequent axial compression of dented
tubular members. This is the most rigorous procedure among all existing analysis, but it requires
a considerable computing effort.

Research reported in the open literature has, in the past, focussed panticular attention on




dented cylindrical members subjected to axial compression combined with negative bending
(compression at the dent, Fig. 1). In actual offshore structures, however, local damages may
occur in any orientations relative to applied end moments (Fig. 2). Dent locations vary along the
member, and lateral loading can often accompany axial compression. Little attention has been
paid to dented members subjected to loads of different directions with respect to the dents. It
was the purpose of a recent study at Purdue University to develop a computer model for the
analysis of dented cylindrical beam-column subjected to biaxial bending with respect to the dents
(Duan, 1990),

s 0

M4 = Pasitive momant; dent in tension
-~ M. = Negauve momeni; dont in campresen
M* = Newtrsi memen

Figure 1. Dented Tubular Segment Figure 2. Dented Tubular Section with
Differemt Bending Moments

Based on the moment-curvature (M-P-@) relationships developed previously by Duan, Loh
and Chen (1993), an analytical procedure and computer program BCDENT were developed to
calculate the general behavior of a dented (single or multiple dents) wbular beam-column
subjected to loads of different directions and combinations. In general, good agreement was
obtained, confirming the validity of the M-P-® approach in dented member analysis. The
program listing of the BCDENT and typical input/output details are given in a recent book by
Chen and Toma (1995).

GENERAL DESCRIPTION OF THE BCDENT PROGRAM

The cylindrical tubular beam-column under BCDENT consideration is treated as an
individual member. The initial geometrical imperfections, w, (out-of-straightness) is considered,
and its boundary conditions are pinned. The dents can be multiple in arbitrary orientations and
can be located anywhere along the member length. The loading cases include:

1. Constant end axial loads, increasing end bending moments.

r Constant end axial loads, increasing lateral loads (either linearly distributed or two
concentrated loads).

3 Constant end bending moments and/or lateral loads, increasing end axial loads.




The following assumptions were made:

1. Deformations are small. That is, small displacement beam theory was used in the
formulation.

Shear and torsional deformations were neglected.

Strain reversal does not occur in the member, i.c., the member deformations are
always monotonically increasing.

4, The member is divided into a number of segments. The properties of these
scgments are described by their corresponding moment-curvature (M-P-®) and
moment-axial strain (M-P-g,) expressions.

5. For an undented section (dd/t < 1.0), the nonlinear M-P-@ relation is represented
by equations reported previously by Duan, Loh and Chen (1993). The M-P-®
expressions (Fig. 3) include both ascending and descending branches due to local
buckling for undented tubular sections with 1% out-of-roundness and with or
without residual stresses.

m 6. For a dented section (dd/t 2 1.0), the three-regime M-P-@ expressions, developed
previously by Duan, Loh and Chen (1993) are used (Fig. 4).
m ir
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Figure 3. Moment-Thrust-Curvature Curve Figure 4. Moment-Thrust-Curvature Curve
for Undented Tubular Sections for Dented Tubular Section
with Local Buckling
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kA A single set of M-P-g, expressions reported by Duan, Loh and Chen (1993), are
used for both dented and undented sections with or without residual stresses, and

with or without local buckling.
The coordinate system for a biaxially loaded, dented tubular beam-column is shown in

Fig. 5. The right-hand rule is used for the sign convention in the analysis (Fig. 2). Figure 6
shows a typical beam-column with several segments subjected to biaxial loadings.

lZ

Dent Angle

2

Figure 5. Coordinate System for Biaxially Loaded Dented Tubular Beam-Column
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Figure 6. Divided Segment and Stations for Analysis of Landet and Johnson's Tests (1987)
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NUMERICAL PROCEDURE

The analytical procedure used in the computer program BCDENT is based on the
incremental deflection method. The deflected shape of the member with a specific deflection at
a control station is first assumed. The increment of the loads corresponding to this deflection
is then computed, followed by computation of the bending moments, taking into account the axial
load and the lateral loads. The new deflections are calculated by integrating the curvatures
obtained from the known M-P-® expressions along the length of the member. Comparisons of
the computed new deflections with the assumed deflections are then made o check whether
convergence has been achieved. Using the updated deflected shape and repeating this procedure
for successive deflection increments at the control station eventually lead to the desired full load-
deflection relationship for the dented member.

DENTED CYLINDRICAL MEMBERS

The accuracy and the validity of the M-P-@ approach are examined by comparing
BCDENT predictions to some test results reported by Landet and Johnsen (1987).

Pin-Ended Dented Column Tests

In the present numerical analysis of the Landet's test results (1987), the member is
divided into seven segments with eight stations. Since the adopted M-P-® expressions for dented
tubular sections are based on an average moment and curvature along an 800 mm segment, the
length of the dented segment is taken here as 800 mm. The dented M-P-& curves are adopted
at the two end stations of the dented segment as shown in Fig. 6. The axial load-
curves computed by BCDENT are compared with these results for dent depth ratios (dd/D) of
0.1 (D1-35) in Fig. 7. It is seen that the predicted maximum strength is quite close to the test
result, but analytical curves generally lower than the tested curves. There are several factors that
contribute to this difference. In the analytical studies, the ends of members are assumed to be
perfectly pin-ended. In the experiments, some end restraints always exist. Other contributing
factors are that the M-P-@ curves used in the BCDENT are developed on the basis of constant
axial load tests, and that the idealized M-P-® curves are the pre-maximum region are softer than
those tested (Duan, Loh and Chen, 1993),

Dented Beam-Column Tests

The load-deflection curves computed by BCDENT are compared with Landet’s beam-
column test result (Landent and Johnsen, 1987) in Fig, 8. This test had two lateral concentrated
loads coupled with a constant axial compression. Figure 8 is for negative bending case. On the
analytical curves, crosses denote the location of maximum lateral concentrated loads Q,,: and
circles represent the maximum bending moments for the critical dent section M. It can be seen
that the M, point occurs afier the Q,,, point.

In Fig. 8, the dashed line is the analytical result based on the general curve-fit M-P-@
expressions, implemented in BCDENT, while the dot-dashed line is based on the actual measured
M-P-® behavior for the particular individual specimen. From Fig. 8, it may be concluded that
the M-P-® approach can predict adequately the behavior of dented tubular members. The
accuracy of the predictions depends mainly on the accuracy of the M-P-@ expressions used in
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Dented Member Test D1-35 Dented Beam-Column Test D2-37

(Negative Bending)
Ultimate Strength of Dented Members

To further calibrate BCDENT, this section briefly summarizes a comprehensive study of
comparisons of BCDENT ultimate strength predictions to all of the available 151 test data in the
open literature. Details of comparisons and test data are given in a EPR report by Loh (1991).
The available test data are made up of 130 tests with D/t < 80 and 21 tests with D/t = 88 - 122;
member length L = 0.5 mm - 7.75 m; dent depth to diameter ratio dd/D = 0 -~ 0.23; and dent
depth to thickness ratio dd/t = 0 -- 25. 107 test specimens are axial and eccentric load cases, and
44 1est specimens are combined axial load and moment cases,

A distribution of 130 ratios for dented members with D/t < 80, representing all load types,
is shown in Fig. 9. The mean value of measured ultimate strength / strength predicted by
BCDENT is 1.01, and the standard deviation is 0.12. A 1ol of 151 ratios is plotted in Fig. 10
for comparisons, including 21 cases with high D/t ratios (D/t = 88 -~ 122) for which BCDENT
is not valid. The mean value of measured ultimate strength/strength predicied by BCDENT is
1.02, and the standard deviation is 0,13, These comparisons indicate the BCDENT gives a good
mean prediction of ultimate strength with a small deviation.
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DESIGN INTERACTION EQUATIONS

Although the behavior and strength of damaged members may be carried out by the
BCDENT program described previously, simple guidelines and provisions for evaluating dented
cylindrical members are needed. It is more convenient and practical to use simple interaction
equations,

Figure 2 shows an idealized dented cylindrical section with different bending moments.
Figure 1 presents a dented cylindrical segment. In these figures, dd is dent depth; B, dent
directional angle; M,, positive bending moment (dent in tension side); M., negative moment (dent
in compression side) and M., neutral bending moment. The definitions as given in Figs. 1 and
2 will be used in what follows. The axial load and bending moment are always referred to the
centroid of the original undamaged circular section,

Duan-Loh-Chen Equations - Sectional Strength
For dented cylindrical beam-column sections, the following design interaction equation

was proposed by Duan, Loh and Chen (1993) for analyzing general behavior of dented wbular
members

2l Mo (1)
P‘ Mﬂ
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@ =175 - 0.1 i:’. a- _2:1) 2 1.0 @

where P, is axial compressive strength and M, is bending moment capacity of a dented section.
They can be determined by the following empirical formulas (Duan, Loh and Chen 1993).

dd 3)

P = exp (008 =) P,

-

M, = exp (-0.06 .. cosf) M, )
'

in which cos B 2 0; P, and M, are mean compression yield strength, and mean maximum
moment capacity of a undented tubular section including the effect load buckling, respectively.
They are provided by the API-ASD (1989) formulas:

¥

F, 1195 - 03 (DIP=IP, for Dit > 100

r

P, P for Dit < 100 )

M, for 0 < EP < 11240
I
(6)
M =113 - 154 _Féol M, for 17240 < _’;"’ < 44,820
!

F F
(0.96 - 0.77 T’?] M, for 44,280 < T'D < 137,900

Loh Equations

Using BCDENT software, a series of comprehensive sensitivity study of the effects of (1)
dent locations, (2) member out-of-straightness and (3) moment orientations on ultimate strength
has been conducted by the Exxon research team (Loh, Kahlich and Boekers 1992). Against the
background of this information, a new set of interaction equations for damaged tubes was
developed by Loh (1993),

Section Strength:
Axial Compression, Negative Bending, and Neutral Bending:




l."’ ]
i

-

Axial Compression, Positive Bending, and Neutral Bending:

Member Stability:

ol

Axial Compression, Negative Bending, and Neutral Bending:

M M
e e e | 0 P | %20

P _ P .y
- -, 0 'Ew'

Axial Compression, Positive Bending, and Neutral Bending:

P M, M,
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()}

(8)

(L)

(10

where @ is exponent = 2 - 3(dd/D); P,,,, axial compression capacity of dented members including
the effects of out-of-straightness larger than 0.001L; Py,, the Euler buckling load of damaged
members (using properties of damaged section); Py, the Euler buckling load of undamaged
member; M, and M,, ultimate bending capacity for dented section under negative bending and

undamaged section, respectively. They are determined by the following expressions:

P  PuAT-AF)

)

e end
[~ =y,
Pl‘

1 - 025A)1P,, for A, < |2
Pl for A, 22

ende

(1n

(12)
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A |22 2 |22 13
- Pll‘ Pl

P dd (14
o = exp [-0.08 TI P, 2 0.45P, )

F P’ Jor DIt < 60 (15)

P
o 1.64 - 023 (DI:)'”]P’ Jor DIt > 60

M

d

- exp [0.06 #l M, 2 0.55M, (16)

F
M, for 0 < ._r’?.. < 10,343

F FD an
M, = [[1.13 - 2.58 ?'DW' for 10343 < __i_ < 20,685

F F,
0.94 - 0.76 .E_’?)M' Jfor 20,685 < _"D < 300F,

where AY is primary out-of-straightness for a dented member; AY, = 0.001L.
Discussion

Figure 11 shows a comparison of Eq. (1) with 17 dented beam-column test results
reported by Landet and Johnsen (1987). Equation (1) has a mean unity check value of 1.04 with

a standard deviation of 0.107 (Duan, Loh and Chen 1993). When the dent depth equals 1o zero,
Eq. (1) can be reduced 1o

t: ]
P M (18)
El ~ X0

Equation (18) gives a rather accurate estimation of the sectional strength of undamaged tubular
members (Duan and Chen 1990).

Loh Equations (7) to (10) are the first complete set of interaction equations for damaged
tubular members subjected 10 combined axial compression and bending. They have been
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compared with 128 test data and have a mean value (measured/predicted) of 1.08 with a standard
deviation of 1.03 (Fig. 12, Loh 1993). In the limit as the dent depth approaches zero, Loh
equations are identical to those for undamaged members in API specifications (1993).

CONCLUDING REMARKS

Computer program BCDENT was developed to assess the strength and behavior of
cylindrical steel members under combined axial Joad and biaxial bending. Loh (1993) proposed
a set of equations for evaluating residual strength of these damaged cylindrical members using
the computer model developed. Extensive comparisons were also made with the results of tests
on actual dented columns, providing final confirmation of the validity of these equations. Since
these equations are simple to use and realistic to represent the actual strength, they are
recommended for general use.
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Figure 11. Ultimate Cross-Sectional Strength Figure 12. Comparison of Loh Equations with
Check of Dented Tubular Members (Duan Dented Member Tests (Loh 1993)
and Chen 1993)
REFERENCES

AISC, (1989). Specification for Structural Steel Buildings -- Allowable Stress and Plastic
Design, American Institute of Steel Construction, Chicago, IL.

AISC, (1993). Load and Resistance Factor Design Specificasion for Structural Steel Buildings,
2nd Ed., American Institute of Steel Construction, Chicago, IL.

APIL, (1989). Recommended Practice for Planning, Designing and Constructing Fixed Offshore
Platform, 18th Ed., API-RP-2A, American Petroleum Institute, Washington, D.C.



32

API, (1989). Draft Recommended Practice for Planning, Designing and Constructing Fixed
Offshore Platforms - Load and Resistance Factor Design, 1st Ed., API-RP-2A-LRFD,
American Petroleum Institute, Washington, DC.

API, (1993). Recommended Practice for Planning, Designing and Constructing Fixed Offshore
Platform--Working Stress Design, 20th Ed., API-RP-2A, American Petroleum Institute,

Washington, D.C.

API, (1993). Recommended Practice for Planning, Designing and Constructing Fixed Offshore
Platforms - Load and Resistance Factor Design, 1st Ed., API-RP-2A-LRFD, American
Petroleum Institute, Washington, D.C.

Chen, W.F. and Ross, D.A., (1977). *Test of Fabricated Tubular Columns,” Journal of Structural
Division, ASCE, Vol. 103, No. ST3, pp. 619-634.

Chen, W.F. and Han, D.J., (1985). Tubular Members in Offshore Structures, Pitman, London.

Chen, W.F. and Toma, S., (1995). Analysis and Software of Tubular Members, CRC Press, Boca
Raton, FL.

Duan, L., (1990). Stability Analysis and Design of Steel Structures, Ph.D. Thesis, School of
Civil Engineering, Purdue University, West Lafayette, IN.

Duan, L. and Chen, W.F,, (1990). "Design Interaction Equation for Cylindrical Tubular Beam-
Column.” Journal of Structural Engineering, ASCE, 116(7), 1794-1812.

Duan, L., Loh, J.T., and Chen, W.F,, (1993). "Moment-Thrust-Curvature Relationships for
Dented Tubular Sections,” Journal of Structural Engineering, ASCE, Vol. 119, No. 3, pp.
809-830.

Duan, L., Chen, W.F,, and Loh, I.T., (1993). "Analysis of Dented Tubular Members Using
Moment Curvature Approach.” Thin-Walled Structures, 15(1), 15-41.

Ellinas, C.P., (1984), "Ultimate Strength of Damaged Tubular Bracing Members,"” Journal of
Structural Engineering, ASCE, Vol. 110, No. 2, pp. 245-259.

Gu, Y.N,, and Li, R.P,, (1992). "On the Assessment of Strength of Platform with Damaged
Members." Proceedings of the Second International Offshore and Polar Engineering
Conference, 1SOPE, San Francisco, CA. June 14-19, IV, 408-414.

Landet, E. and Johnsen, R.H., (1987). Investigation on Ultimate Strength of Dented Pipes,
Technical Report No. 87-3278, VERITEC, May 20.

Loh, J.T., (1990). "A Unified Design Procedure for Tubular Members,” Proceedings, 22th
Annual Offshore Technology Conference, OTC 6310, Houston, TX, May 7-10, 365-379.

Loh, 1.T., (1991). Comparison of Dented Member Strength Predictions to Test Data, Exxon
Production Rescarch Company, Houston, TX.




53

Loh, J.T., Kahlich, J.T., and Broekers, D.L., (1992). Dented Tubular Steel Members, Exxon
Production Research Co., Houston, TX.

Loh, J.T,, (1993). "Ultimate Strength of Dented Tubular Members." Proceedings of the Second
International Offshore and Polar Engineering Conference, ISOPE, Singapore, June, IV,

Maclntyre, J. and Birkemoe, P.C., (1989). Damage of Steel Tubular Members in Offshore
Structures: A Nonlinear Finite Element Analysis, Department of Civil Engineering,
University of Toronto, Toronto, Ontario, Canada, M5S 1A4.

Marshall, P.W,, (1970). "Stability Problems in Offshore Structures,” Proceedings, Annual
Technical Sessions, Column Research Council, St. Louis, MO,

Padula, J.A., and Ostapenko, A., (1989). Axial Behavior of Damaged Tubular Columns, Fritz
Engineering Laboratory Report No. 508.11, Lehigh University, Bethlehem, PA.

Richards, D.M. and Andronicou, A., (1985). "Residual Strength of Dented Tubulars: Impact
Energy Correlation,” Proceedings, Fourth International Offshore Mechanics and Arctic
Engineering Symposium, Dallas, Texas, February 17-21, pp. 522-527.

Sherman, D.R., (1976). "Tests of Circular Steel Tubes in Bending," Journal of Structural
Division, ASCE, Vol. 102, No, ST11, pp. 2181-2195.

Sherman, D.R., (1982). "Research in North America on the Stability of Circular Tubes,”
Proceedings, Annual Technical Sessions, Structural Suability Research Council, New
Orleans, Louisiana.

Smith, C.S., Kirkwood, W. and Swan, J.W., (1979). "Buckling Strength and Post-Collapse
Behavior of Tubular Bracing Members Including Damage Effects,” Proceedings, Second
International Conference on Behavior of Offshore Structures (BOSS'79), Imperial College,
London, England, August 28-31, pp. 303-326.

Smith, C.S. and Dow, R.S., (1981). "Residual Strength of Damaged Steel Ships and Offshore
Structures,” Journal of Constructional Steel Research," Vol. 1, No. 4, pp. 2-15.

Smith, C.S., Somerville, J.W, and Swan, J.W. (1981). "Residual Strength and Stiffness of
Damaged Steel Bracing Members," Proceedings, 13th Annual Offshore Technology
Conference, Houston, TX, May 4-7, pp. 273-291.

Taby, J. and Moan, T., (1985). "Collapse and Residual Strength of Damaged Tubular Members,”
Proceedings, Fourth International Conference on Behavior of Offshore Structures, Delft,
The Netherlands, July 1-5, pp. 395-408.

Taby, 1. and Moan, T., (1987). "Ultimate Behavior of Circular Tubular Members with Large
Initial Imperfections,” Proceedings Annual Technical Sessions, Structural Stability
Research Council, Houston, TX, March 24-25, pp. 79-104.

Toma, S. and Chen, W.F., (1979). "Analysis of Fabricated Tubular Columns, Journal of



54

Structural Division, ASCE, Vol. 105, No. ST11, pp. 2343-2366.

Ueda, Y. and Rashed, S.M.H., (1985). "Behavior of Damaged Tubular Structural Members,”
Proceedings, Fourth International Offshore Mechanics and Arctic Engineering
Symposium, ASME, Dallas, TX, February 17-21, pp. 528-536.

Yao, T., Taby, J. and Moan, T., (1986). “"Ultimate Strength and Post-Ultimate Strength Behavior
of Damaged Tubular Members in Offshore Structures,” Proceedings, Fifth International
Offshore Mechanics and Artic Engineering Symposium, 111, ASME, pp. 301-308,




35
SEISMIC DAMAGE ASSESSMENT OF STEEL MEMBERS AND JOINTS
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Abstract

A method is presented trying to unify both design and damage assessment methods for high and
low cycle fatigue, based on the results of an extensive experimental research programme
Interpreting the stress range Ao in a structural component as the one associated to the real
strain range Ae in an ideal perfectly elastic material, high and low cycle fatigue test data can be
fitted by the same Wohler (S-N) lines usually given in Recommendation for (high cycle) fatigue
design of steel structures Local buckling can be regarded as a notch effect, intrinsic to the
various shapes, and related to their geometrical properties (c'ty and d,, slenderness ratios of
the flanges and the web) A linear damage accumulation together with the previously
defined S-N curves can lead to a reliable collapse criterion also for members under seismic
loading

1. lntroduction

Eurocode-3 [1] defines fatigue as "damage in a structural part, through gradual crack
propagation caused by repeated stress fluctuations” Depending on a number of factors, these
load excursions may be introduced either under stress or strain controlled conditions
Depending on the number of cycles sustainable to failure, and on their amplitude, we can
distinguish failure for high or low cycle fatigue

Failure by high cycle fatigue is characterised by a large number of withstandable cycles with a
nominal stress range Ac in the elastic range. This is a well known effect [2] although only a
limited number of typologies of connections and of structural details can be considered at
present thoroughly investigated, and the general aspects of this problem, as well as the basic
methodologies for assessment and design, can be considered well established

Low cycle fatigue is characterised by a small number of cycles to failure, with large plastic
deformations  In general, low cycle fatigue problems in civil engineering structures arise either
under seismic loading or in pressure vessels or under severe thermal cycling. Cycles with large
amplitudes in the plastic range are usually connected with local buckling in structural members
Al present, kmwupofhwqdeﬁuwbd:amofuwlwmumﬁ
as well established as the high cycle fatigue one; in particular, there is no genenally recognised
design or damage assessment method for low cycle fatigue, and a clear definition of a collapse
criterion is lacking.

In this paper a procedure is described, trying to unify design and damage assessment methods
for structural details under high and low cycle fatigue After discussing the proposed approach,
nswmwmmmmmmqﬂmum-mu
presented By transforming the nominal strain range Ae in an equivalent stress range Aa " =Ack
computed by considering the material as an indefinitely linear elastic one, the experimental test
data obtained under cycles with a constant amplitude in the plastic range can be interpolated by
the same Stress range-Number of cycles to failure (S-N) lines usually given in
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recommendations for the (fatigue) design of steel structures (e.g. [1]). Furthermore, a linear
damage accumulation model (Miner's rule [16]), together with the rainflow cycle counting
method, can be adopted for the damage assessment under variable amplitude loading.

2. The proposed approach

The proposed approach to unify the design and procedures for steel structures under low
and/or high cycle fatigue, originally presented by Ballio & Castiglioni [3], is based on the two
following assumptions:

1. To know, for a given structural detail (cycled under strain controlled conditions), the
relationships between the number of cycles to failure Ny and the cycle amplitude As,
expressed in terms of generalised displacement components (i e of displacements Av or of
rotation A¢ or of deformation Ag). These relationships have the same meaning in high
and in low cycle fatigue with the following difference
. in high cycle fatigue the component is subjected to cycles in the elastic range;

. in low cycle fatigue the component is subjected to cycles in the plastic range

2. Damage accumulation in a structural detail is a linear function of the number of cycles
sustained by the component itself This means to assume that Miner's rule [16] (usually
applied in high cycle fatigue damage assessment) can be applied also in low cycle fatigue

Consequence of the second assumption is the definition of a unified failure criterion for both
high and low cycle fatigue: a structural component fails when Miner's damage index reaches
unity. Of course, appropriate S-N curves corresponding to the desired safety level should be
identified

Consequence of the first assumption is the possibility to interpret low cycle fatigue with the

same laws commonly accepted for high cycle fatigue

In fact, in high cycle fatigue (under stress controlled conditions):

«  a structural component is subjected to load cycles having a constant amplitude AF<F,
(the yield strength of the material, that may be theoretically computed or experlmerlulg
evaluated),

«  the nominal stress range Ag=Ao(AF) induced by the external load fluctuations AF may
computed either theoretically or with conventional methods, and is finally correlated to
the number of cycles to failure Nf. independently from the yield strength of the material

In order to generalise this approach, under the assumption of indefinitely linear elastic material,
it can be written:

AF
Aa‘--ﬁ-,—a(Fy) [£)]

In low cycle fatigue (under strain controlled conditions)

+  astructural component is subjected to displacement cycles having a constant amplitude
Asny(lsoduadwiihu:nuimmofuwyiddstminlhemammmnybe
theoretically computed or experimentally evaluated),
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if the material can be regarded as an elastic perfectly plastic one (as in the case of steel),
and the hypothesis of concentrated plastic hinge can be considered realistic (as shown by
Ballio & Castiglioni [4] for steel members under seismic loading), it can conventionally be

assumed that strains are proportional to the generalised displacement component s, and it
can be stated that

As
ot (2)
L
r ¥

This equation defines the nominal strain range in a particular way, as discussed in detail in
Ref’ (3], taking into account the local reduction of stiffness at plastic hinge location by an

equivalent uniform reduction of stiffness along the total beam length, and can be re-
written as follows

Ac*=Esm=E e =20r)y O
£y = ¥y
y 4
Equation (3) is similar to equation (1), that is valid for high cycle fatigue. The difference
consists in having considered cyclic displacements instead of cyclic forces

3. Experimental validation

3.1 Re-processing the test data

For reprocessing test data according to equation (3), the following parameters must be defined:
the number of cycles to failure Nf the values of the generalised displacement component (sy)
and of the stress level (o (F, ))coﬂapondmgnﬁrslyidd
Ofoouru.vmomlnwchommmhbleforﬂndeﬂmwnormmpamnm
order to clearly identify the consequences of these operative choices, the following
considerations should be taken into account

Todeﬁnethemmhuufcyclu!oﬁihreﬁﬁamlhpnaﬁuiwmbudopld.eithnr
assumed conventionally a-priori, or identified test by test corresponding to failure  In the
first case, for example, failure might be associated with the reduction of the load carrying
capacity as proposed in [4], or of the absorbed energy [9)]

The generalised displacement component can be assumed either as a displacement v or as
arotation ¢ Accordingly, lhevﬂueconwpnndmgtnﬁmyndd(dnynldduphcunnvy
or the yield rotation #y). can be theoretically computed or conventionally defined
reprocessing test data, for example adopting the ECCS Recommended procedures [6]
Thenonumlnrenlwd(u(F))mocmedlonnmumllond(l’)mﬁngﬁmywldm
llwmnmulcanbedaeruunJupmmnﬂy bymofmletmortheormaﬂy

by applying conventional methods of structural mechanics. In the first cue.c(ﬁy)-_fy In
order 10 apply the second procedure, both the yield strength (Fy) should be determined
(eg. according to ECCS Recommended procedures) and, for flexural members, the
dimension of the plastic hinge
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Once determined the number of cycles to failure Aj:lﬂdiumber&pmmndlopldinl
log-log scale Nyvs Ac” given by eq (3) The domain log (Ac”=Ede) vs. log N is the usual
MMM&M{&MWMMWIM Codes and Standards for
(high cycle) fatigue design of steel structures

In order to verify the assumption of equivalence of EAs - Ny curves for high and low cycle
fatigue, hereafter it is tried to interpret the experimental test data of low cycle fatigue tests
performed on structural members and joints, by means of the S-N curves proposed by
Eurocode-3, whose validity is extrapolated in the low cycle fatigue range by means of eq (3)

3.2 Members

In order to experimentally validate the proposed approach, tests were performed [4,7,8] at the
Structural Engineering Department of Politecnico di Milano, on full scale cantilever members
of the commercial shapes HE120A, HE140A, HE220A, HE220B and IPE300 (tab 1), using an
equipment [$] capable of applying horizontal cyclic actions in a quasi-static way. Presently, the
testing programme is continuing, in order to enlarge the data-base, tests are carried out also
considering the presence of an axial load [19].

Shape Area Flange Web
(em®) b2 i g | b d W Ay,
{mm) {mm)

HE 220A 641 20 1o 100 210 1520 70 217
HE 2208 naoe 220 160 69 20 1520 95 0
IPE 300 538 150 107 70 300 486 1.1 35)
HE 120A 283 120 80 135 114 740 50 148
HE 140A 4 140 83 8.2 133 920 55 167

Table 1- Geometrical properties of specimen shapes
3.2.1 Constant amplitude tests

To date, 40 tests were performed (11 on HE220A shapes, 12 on HE220B and 11 on IPE300, 3
on HE120A, 3 on HEI40A) imposing 1o the specimens displacement cycles with a constant
amplitude Funhormou.]lmlwmpuﬁ:nndon}[EIZOA.wilhmlxhllodPPy'ODS.I
test on IPE300 with P/Py=0 10 and 8 tests on HE220A specimens, considering three values of
the axial load. P/Py, = 005, 0.10 and 0125, (where Py, = fyA is the plastic strength of the
cross section)

In high cycle fatigue, strength categories implicitly account for different notch effects, ie for
different local stress concentrations due to geometry of the detail and/or defects caused by
fabrication procedures It is supposed that the same consideration holds also in the case of low
cycle fatigue local buckling can in fact be regarded as a notch effect, because it induces local
stress concentrations in the buckled area (at plastic hinge location) In fact, as already discussed,
and in good agreement with previous results by Yamada [10-12], the different geometries of
the cross sections make the specimens more or less vulnerable by local buckling effects This
means that each shape, as a function of its geometrical properties, can be considered as
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belonging to a definite fatigue strength category, because intrinsically affected by a more or less

pronounced notch effect.

It must then be expected that the different shapes considered in this study belong to different
fatigue strength categories; furthermore, as the tested specimens evidenced two different failure
modes (by cracking in the base material at the plastic hinge locations, or by cracking at the

Fig. 1  Fatigue strength of beams
failed at plastic hinge
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welding of the
reinforcement  plates to
the specimens), it must
also be expected that
different fatigue strength
curves apply to the
different failure modes.

Figure 1 shows the test
data for beam specimens
[4] failed by cracking in the
base material at plastic
hinge locations, fitted by
the S-N lines of Eurocode-
3. The parameter which
seems to govern the fatigue
behavior of beams is the
d/ty, ratio. In fact, it can be
noticed that test data for
HE120A specimens
(having lowest d/ty) can
be fitted by line for
category 90, those for
HE220B and HEI40A
(having similar d/ty,) can
be fitted by EC-3 line for
category 80, those for
HE220A by category 71,
while those for IPE300
(having largest d/ty) by
category 63

Figure 2 refers to test data for specimens failed at weldings, HE220A and HE220B specimens
can be fitted by category 63 line, while IPE300specimens, despite the same welded detail was
adopted for ail shapes, are fitted by line 56 and show a lower fatigue strength. This is probably
caused by the formation of the plastic hinge nearer to the base (i.e. nearer to the weldment) in
IPE specimens rather than in HE ones. This fact seems again to confirm the hypothesis that
local buckling can be considered as a notch effect reducing the fatigue strength of the profile.
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However, independently on the category of fatigue resistance pertinent to each shape, it is
important to notice that the slope of the line fitting (in a log-log plot) the low cycle fatigue test
data, reprocessed
Fig, 2 Fatigue strength of beams failed at weldings (‘;’_"m o f
& This is in good
NN, agreement  with
:\\ \Q\:\\\\‘ N\, the results of
aSa N research on_ high
AR e
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Fig. 3 shows the effect of an axial load applied on top of HE220A specimens. Increasing the
applied axial load results in a reduction of the fatigue strength of the member, but also in a
scattering of the results, although the average slope of the fitting line remains nearly -3,

It can however be noticed that the line fitting test data for P/P,=0 10 and 0 125 nearly coincide.

The test data available a1 present are too few 10 allow deﬁmuve conclusions to be drawn, it

seems however that, beyond a certain level, the detrimental effect of the axial load on the

fatigue strength is reduced, probably because it reduces the tensile strains due to bending,

hence "retarding” fatigue crack opening and propagation

The effects of the operative choices in the definition of the various parameters when re-

processing test data, previously discussed, are highlighted in the following figs 4 and 5

Fig 4 shows, for HE220A specimens, the effect of the assumed failure condition, comparing

results obtained defining N,

» based on experimental evidence, as the one corresponding to the final sudden increase in
the deterioration rate (leading to failure)

* based on a condition defined a-priori, associated to a reduction of the load carrying
capacity to a given percentage of the yield strength F,,
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fig 4 Effect of assumed failure condition on damage assessment

It can be noticed that assuming F/F,=0.95 leads to conservative assessments of the fatigue
strength, as well as 1o scattering of results, while assuming as failure condition a reduction of
strength 1o 0 S0F, leads to assessments similar to those based on test evidence.

Fig. 5 shows the effects of the definition of the stress range Ac” (i.¢. of the definition of the
vield stress f, and of the assumed generalised displacement component $) on the assessment of
the fatigue strength of HE220A specimens, in the case of a failure condition assumed a-priori
comresponding 10 a reduction of the specimen strength F 10 0.50F, - 1t can be noticed tha
scattering in the results is ¢ d to the definition of the yield strength, while smaller is the
influence of the assumed displacement component; in fact, if top displacements v or rotations at
plastic hinge location ¢ are assumed as generalised displacement component s in eq 3, a small
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Fig. § Effects of definition of the stress range A" =E*Ae
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scattering can be noticed in the results. On the contrary, if the stress level corresponding at
yield (o(F,)) is defined through a tensile test (i.e. coincident with £, ) or by means of structural
mechanics (ie as F LYW, where W is the section modulus and L'= L-(Eh2) the cantilever
member length minus half the dimension Eh of the plastic hinge, h being the height of the
profile, as from tab 1), due to the uncertainties connected with the latter definitions of both L'
and F,, a larger scatter in the results can be noticed Fig 51, 52 and 5 3 respectively refer to
different values of parameter £ (respectively assumed equal 1 0, 1 5 and 2 0). It can be noticed
how scattering of the results is strongly influenced by this parameter

Hence, in order to avoid biased results from re-processing test data, extreme accuracy and
consistency must be adopted when defining the various parameters. In particular, when
possible, the yield strength should be determined by tensile tests

3.2.2 Variable amplitude tests

Some random displacement histories were numerically obtained by means of a dynamic
numerical simulation code, adopting artificial accelerograms obtained on the basis of EC-8 [20)
recommended spectra. The oscillograms obtained were adopted as displacement histories and
imposed in a quasi-static way to the specimens under testing

EC-3 | EC-3 | EC-3 | EC3

(TesT | 90 | 80 | 71 | 63 ]Faiure
[ HEAY | 0542 | 0.772 | 1.104| 1580 | PH.
| HEAS | 0854 | 1202 | 1.740 | 2489 | PH.
[HEA10| 0509 | 0853 | 1746 | PH
1490 | 2135 | PH.

2900 | 4152 | PH.

1.020 w

HEB13 | 0523 | 0.744 1 W
1PEo L0461 0657 | 0639 [ 1340 [ P H.
IPE10 | 0385 | 0.547 | 0783 [ 1120 ] PH.
IPE11 | 0460 | 0660 | 0940 | | PH.
IPE15 | 0478 | 0680 | 0.973 PH

Table 2 - Damage indexes corresponding tospecimen collapse in variable amplitude tests

At present, a total of |1 variable amplitude tests have been performed at Politecnico di Milano
[4] (4 on HE220A shapes, 4 on IPE300 and 3 on HE220B) The experimental results were re-
processed by means of the rainflow cycle counting method and Miner's damage index [16]
associated with collapse of each specimen was computed, based on the transformation given by
equation (3) and on the EC-3 fatigue strength lines previously identified for the various profiles
The obtained results are summarised in table 2 where the failure mode (P H = at plastic hinge,
W= at welding) and the damage index corresponding to the EC-3 lines are given It can be
noticed that Miner's rule [16] gives damage index values with scatters similar 1o those

accepted in high cycle fatigue, and correctly allows prediction of failure in association with EC-3
line 71 for HE220A specimens and with line 63 for IPE300 specimens For HEB specimens,




depending on the failure mode, a correct prediction of failure is achieved respectively in
association with EC-3 fatigue strength lines 80 and 63 These fatigue strength categories lead 1o
damage assessments on the safe side, increasing the fatigue strength of HE220B specimens by
one category results in damage index values nearer to unity

3.3 Connections
3.3.1 Welded joints
An experimental research was carried out at Politecnico di Milano on welded details commonly

adopted in structural steelwork Different types of connections were considerded: fillet welded
coverplates (long and short ones), fillet welds and full penetration groove welds in cruciform

joints and butt welded joints.

: Small specimens (400 mm

Fig 6 Fatigue strength long) were manufactured and
of welded joints , tested imposing axial strain

Log (E* Az)

EC-3 lines 100-125, 100mm
("long") coverplates between
EC-3 lines 56-63, S0mm
("short*) coverplates
between EC-3 lines 45-63,
fillt welds in cruciform
" " 20 0 40 joints between EC-3 lines 45-
Log (N) 56 full penetration groove
welds in cruciform joints plot between EC3-lines 100-125 and butt welded joint between lines
100-112 These results are in good agreement with the classification of the various details by
EC-3, where base material is assigned a fatigue strength category ranging between 125 and 160,
coverplates to categories ranging between 45 and 63, fillet welds in cruciform joints to category
36 (40-63 by the Italian C N.R. 10011/86 Code), butt welds to 125 only when 100 % NDT are
performed  Of course, the small number of test data presently available did not allow for any
regression analysis. This fact, in addition to the absence of residual stresses (due to the small
dimension of the specimens), account for eventual small differences between code classification
and the results of the present study
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3.3.2 Beam to column connections

It has been tried to apply the same procedure for defining the fatigue strength of beam to column

oonumomllj -15], consisting of welded connections, end plate connections and double seat

angle connections. As all these tests were performed under variable amplitude loading according

10 [6], in order to define the fatigue strength category of each connection re-analysis of test data

was carried out adopting Miner's rule, and defining the pertinent EC-3 line a-posteriori, as the
one giving, at collapse, a damage index approximately equal to 1.0,

It can be noticed that test

Fig 7 Fatigue strength of data  are  grouped,
beam to column connections depending on the failure

A — mode. The end plate joints
BEAM 7O COLUMN CONNECTIONS ﬁ?m R‘f [13,14] that

i I Wwhied | o et [11,18]) fl:lld in lb connection
e @ G | hem At [1314]) show a low fatigue

@ Sentngen { bem Ret (18] strength, similar to that of

— / seat angle connections
from Ref [15] The other
connections (both welded

Log (E%x)

although the failure nnde
seems to influence their
fatigue behavior. Presently
it is tried 1o enlarge the
data base also by
collecting and re-analysing
test data presented in the
literature Even from
00 48 20 20 these previous results it
Log (N) can however be concluded
that the design of connections is critical for a good performance of structures under low cycle
fatigue and that, in order to avoid brittle fracture, it should be tried to induce the formation of a
plastic hinge in the members, away from the connections. This is of course in good agreement
with other results presented in the literature (e.g. [18])

4. Conclusions

If an equivalent stress range Ao" =Ede is considered, associated with the actual strain range Ae
in an ideal indefinitely elastic behavior of the material, the S-N lines given by Codes for high
cycle fatigue can be adopted for interpreting the low cycle fatigue behavior of beams, welded
joints and beam to column connections

Miner’s rule can be adopted, together with the previously defined S-N curves and with a cycle
counting method (e g Rainflow) to define a unified collapse criterion, valid for both high and
low cycle fatigue

The application of these results and of the proposed method for damage assessment to steel
structures under seismic loading may lead to an overcoming of seismic design methods based on
the behavior factor as shown in [17].
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INTRODUCTION

Following the January 17, 1994 Northridge earthquake, more than 100 steel buildings with
welded moment-resisting frames were found to have experienced beam-to-column connection
fractures. The damaged structures cover a wide range of heights ranging from one story to 26
stories; and a wide range of ages spanning from buildings as old as 30 years of age to
structures just being erected at the time of the earthquake. The damaged structures are spread
over a large geographical area with the highest concentration of reported damage near the
epicentral region. Discovery of these extensive connection fractures, often with little associated
architectural damage to the buildings, has been very alarming. The discovery has also caused
some concern that similar, but undiscovered damage may have occurred in other buildings
affected by past earthquakes, Indeed, there have been isolated reports of similar damage
having been found in buildings following both the 1971 San Fernando and 1989 Loma Prieta
earthquakes.

Welded steel moment frame construction is used commonly throughout the United States and
the world, particularly for mid- and high-rise construction. Prior to the Northridge earthquake,
this type of construction was considered one of the most seismic-resistant structural systems,
due to the fact severe damage to such structures had rarely been reported in past earthquakes,
and that only notable collapse of such a structure, the Pino Suarez failure in the 1985 Mexico
City earthquake, had ever occurred. That collapse was attributed by investigators to large axial
column demands, induced by overly strong bracing in this dual system structure. Subsequent
editions of US. building codes adopted provisions specifically intended to prevent such
failures, and it was presumed by many that buildings designed to these later provisions would
be largely collapse resistant. However, the widespread severe structural damage which
occurred to such structures calls for re-examination of this premise.
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Steel moment frame buildings are designed to resist earthquake ground shaking, based on the
assumption that they are capable of extensive yielding and inelastic deformation, without loss
of strength. The intended inelastic deformation consists of plastic rotations developing within
the beams, at their connections to the columns, and is theoretically capable of resulting in
benign dissipation of the earthquake energy delivered to the building. Damage is expected to
consist of moderate yielding and localized warping of the steel elements, not fractures. This
design approach has developed based on historical precedent, the observation of steel building
performance in past earthquakes and limited research that has included laboratory testing of
beam-column models and nonlinear analytical studies. Most other types of construction are
presumed incapable of the same capacity for energy dissipation and inelastic response, and are
designed for proportionately larger lateral forces.

Observation of damaged buildings indicates that contrary to the intended behavior, in many
cases fractures initiated within the connections at very limited levels of inelastic behavior.
Typically, but not always, fractures initiated at, or near, the complete joint penetration (CJP)
weld between the beam bottom flange and column flange (Figure 1). Investigators have
suggested a number of factors which may have contributed to this including: notch effects
created by the backing bar which is commonly left in place following joint completion;
substandard welding that included excessive porosity and slag inclusions as well as incomplete
fusion; and potentially, pre-earthquake fractures resulting from initial shrinkage of the weld
during cool-down. Such problems could be minimized in future construction, with the
application of appropriate welding procedures and more careful exercise of quality control
during the construction process.

Once fractures initiated, they progressed in a number of different ways. In many cases, the
fractures initiated but did not grow, and could not be detected by visual observation. In other
cases, the fracture progressed completely through the thickness of the weld, and if fireproofing
was removed, the fractures were evident as a crack through exposed faces of the weld, or the
metal just behind the weld. Once such a fracture formed, the beam-column connection has
experienced a significant loss of flexural rigidity and capacity. Residual flexural strength and
rigidity is developed through a couple consisting of forces transmitted through the remaining
top flange connection and the web bolts.

Other fracture patterns also developed. In some cases, the fracture developed into a
through-thickness failure of the column flange material behind the weld. In these cases, a
portion of the column flange remained bonded to the beam flange, but pulled free from the
remainder of the column, This fracture pattern has sometimes been termed a "divot” or
“nugget” failure. Such fractures result in a similar degradation in the connection strength as
that described above, but also resulted in a local degradation in the axial and flexural strength
of the column.

A number of fractures progressed completely through the column flange, along a near
horizontal plane that aligns approximately with the beam lower flange. In some cases, these
fractures extended into the column web and progressed across the panel zone. Investigators
have reported some instances where columns sheared entirely across the section. It is clear that
in such cases, the structural integrity of the columns is greatly reduced.
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Despite the obvious local strength impairment resulting from these fractures, many damaged
buildings did not display overt signs of structural damage, such as permanent drifts, or
extreme damage to architectural elements. Until news of the discovery of connection fractures
in some buildings began to spread through the engineering community, it was relatively
common for engineers to perform cursory post-earthquake evaluations of these buildings and
declare that they were undamaged. In order to reliably determine if a building has sustained
connection damage, it is necessary to remove architectural finishes and fireproofing and
perform nondestructive examination including visual observation and ultrasonic testing. Even
if no damage is found, this is a costly process. Repair of damaged connections is even more
costly. A few such buildings have sustained so much connection damage that it has been
deemed more practical to demolish the structures rather than to repair them.

GOALS AND OBJECTIVES
The Structural Engineers Association of California (SEAQC), the Applied Technology Council
(ATC) and California Universities for Research in Earthquake Engineering (CUREe) have
combined their considerable resources to address and resolve questions relating to the repair,

design and retrofit of steel moment frame structures. Their goal for the SAC Steel Program:
Reducing Earthquake Hazards in Steel Moment Frame Structures is to:

Develop professional practices and recommend standards for the repair, design and retrofit of
steel moment frame buildings so that they provide reliable, cost-effective seismic performance in
future earthquakes.

Three objectives must be met to achieve this goal:

L Characterize and understand what has happened to steel moment frame
buildings in the Northridge earthquake.

x Prepare interim procedures for professional practices and standards:

. Identify buildings that may have been damaged and require further
investigation,

. Characterize the safety condition of inspected buildings.
. Rehabilitate damage buildings to provide life-safety,

3 Prepare recommendations for the repair, design and retrofit of buildings based
on a rational understanding of seismic behavior.

The SAC Steel Program has been specifically designed to achieve this goal in a time frame
consistent with the urgency of the problem. Accomplishing these objectives will require
marshaling both what is known about the design and seismic performance of steel structures,
and what can be learned through directed investigations and analyses to augment existing
knowledge. The technical challenges to be overcome are complex and difficult.
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The five th d SEAOC bers, the eight major earthquake engineering research
universities of CUREe, and the national technical resources of the Applied Technology Council
(ATC) are committed to mobilizing all available national and international resources to rapidly
and systematically achieve these objectives, Each of these organizations has a history of
distinguished achievement. Together they provide a formidable resource for solving this
important problem.

THE PROBLEM

The Northridge earthquake has effectively invalidated the building code and professional
practices used before the earthquake for the design and evaluation of steel moment frame
structures. [t is not clear at this time how to repair damaged, retrofit undamaged, or design
new steel moment frame structures. This leaves owners and structural designers in a
precarious situation.

. Should a damaged building be repaired now, using expensive and possibly
ineffectual techniques, or wait for better techniques to arrive, but risk more
serious, potentially catastrophic, behavior in future earthquakes and aftershocks
before it is repaired?

. Should an owner inspects the connections of a building that shows very little
visible damage?

. Should a perspective owner buy or should a lender finance an existing steel
building?

L Should owners with steel frame buildings awaiting construction continue on
schedule, or should they change their designs to correct the apparent
deficiencies uncovered by the Northridge earthquake?

. Should designers choose other structural systems until definitive answers to
performance questions are known?

» How do we identify buildings that are damaged and pose increased life-safety
risks in earthquakes, including aftershocks?

. How do we repair damaged buildings so that they provide life-safety?

. How do we design new buildings and retrofits for existing buildings so that
they perform acceptably?

These questions are especially worrisome because we do not currently have the knowledge and
experience needed to confidently guide us to good, cost-effective, reliable answers. Until new
knowledge is generated, any action in repair, design or retrofit is fraught with the possibility of
being deficient in both safety and economy. The implications of this situation are substantial
for the design profession, the construction and steel industries, building officials, owners,
occupants, lenders, and insurers - not only in the Los Angeles area, but throughout the US.,
and the world.
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Among the many issues discussed as the source of the observed poor performance of special
moment frame steel connections, there are six main problems most often put forth:

1 Inadequately executed welds.
2 Pre-existing cracks in the weldments.

. % Residual stresses in the joint resulting from the welding and construction

process.
4 Use of inappropriate weld material, preparation, process and heat treatment.
5 Through-thickness tension failure of the column flanges.

6. Fundamental problems with the joint configuration.

The repair approaches being implemented by engineers range from a minimum of rebuilding
the damaged connections to a maximum of rebuilding and modifying every connection in the
structure. While there are many professional opinions expressed on how to resolve these
problems for individual buildings, none are backed by experimental or analytical verification
indicating that they will yield reliable, cost-effective solutions.

The limited amount of available test data is also being reinterpreted. However, the usefulness
of this test data is limited, due to: 1) the small pool of information available; 2) concerns,
expressed by engineers and researchers alike, regarding the reduced scale and simplifications
introduced in most laboratory specimens; 3) the slow rate at which loads are usually applied
during laboratory testing relative to the rapid cycling that occurs during earthquakes; and 4)
numerous details found in the field that remain untested today.

In addition, several of the modes of failure observed following the Northridge earthquake have
not been observed in any previous laboratory test. Few structural test programs to date have
directly addressed issues related to the welding process and its quality assurance. It seems
that no simple, quick answer to these problems is likely due to the complexity and number of
interrelated technical issues involved and the limited amount of knowledge and experience
currently available

AFPROACH

The number and complexity of the technical problems involved, and the importance of the
economic and public policy issues raised, suggest that an ad hoc, quick-fix solution is
inappropriate and likely to be ineffectual. Indeed, several attempts to date to reach rapid
consensus by practicing engineers and researchers have failed - the problems are just too
difficult for resolution within the current state of knowledge. A more fundamental
investigative approach is needed, one that addresses the full range of associated technical
issues and involves the best technical talent and resources available, not only from California,
but from throughout US.
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Restoration of

public and professional confidence in the safety and performance of new steel

frame buildings and in our ability to evaluate and rehabilitate existing ones
development and synthesis of knowledge necessary to answer the following simple questions:

The SAC Steel
recommended

What happened to steel buildings during the Northridge earthquake?
Why did it happen and can it be predicted?

How dangerous are damaged structures?

How can we identify seismically vulnerable structures?

How can we fix damaged or vulnerable buildings?

Can this type of damage be avoided in the future?

Program addresses these questions and will provide answers in the form of
standards of practice and draft guidelines. The urgency of these questions and

the need for prudent expenditure of funds dictates a short-term program of centrally managed
and coordinated investigations.

Achieving the goal and objectives of the project will require a wide array of coordinated
individual investigations. These are divided into four basic categories, or tasks:

Task 1:

Task 2:

Task 3:

Task &

Immediate investigations to characterize and understand what happened
to steel moment frame buildings in the Northridge earthquake.

Other short-term investigations and efforts to develop and peer review
interim guidelines for professional practices and standards for
identification, evaluation and rehabilitation.

Near-term investigations and analyses to improve understanding of the
impartant factors contributing tot he structural performance of steel
moment frames and identification of effective and economical methods of
evaluation, analysis, design and rehabilitation.

Investigations focusing on the refinement, confirmation and assessment
practices and standards for evaluation, rehabilitation and design of steel
moment frame structures that are identified in Task 2 as reliable and
cost-effective.

Phase 1 of the program which is currently in progress, is specifically addressing Tasks 1 and 2.
Tasks 3 and 4 will be the focus of the second phase of the project which will commence later

this year. SAC

is presently attempting to obtain funding for Phase 2.
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TOPICAL INVESTIGATION AND PRODUCT DEVELOPMENT TEAMS

This project requires the participation of experts from a wide variety of fields and disciplines.
To foster communications between various individual investigations, and to make specialized
technical resources and expertise available to all investigations, Topical Investigation and
Product Development Teams have been established.

These groups are also coordinating issues related to uniformity in testing and analysis
procedures, instrumentation, data acquisition, inspection, materials testing, and other related
technical topics so that the results of various individual investigations can be readily and
meaningfully compared and evaluated, For instance, investigators of a particular type of
connection detail can call upon the assistance of experts in a second area (e.g., nondestructive
evaluation); that state of the art procedures can be used for both investigations, and the results
obtained can be compared - for instance, to assess the weld processes used in all joint tests
because uniform test procedures were utilized. These coordination efforts are useful between
different investigations, e.g., joint and system performance; experiments and analyses: welding
and structural component tests, etc. This coordination will produce considerably better and
more useful information, and at a lower cost, than if each investigation was independently
conducted.

WORK PLAN
The initially formulated Work Plan includes a large number of actions. The following
highlights of the draft Work Plan are given to convey the comprehensive set of actions and
investigations that were initially perceived as important to achieving the stated goal:
L The immediate focus of the work effort is on near-term needs related to
inspection, evaluation and repair of steel frame buildings in Los Angeles and
includes:

. Workshop(s) to refine investigation plans and identify experts and
resources interested in participating in program.

. Detailed field surveys of steel frame buildings in the heavily shaken area.
. Study of ground motion characteristics and influences on response.

. Synthesis and assessment of current worldwide states of knowledge and

practice.

. Development and evaluation of interim guidelines for inspection,
evaluation and repair.
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2 Longer range tasks focus on professional practices and recommendation of
standards for the repair, design and retrofit of steel moment frame buildings so
that they provide reliable, cost-effective seismic performance. These tasks
include:

. Systematically investigate the various technical factors contributing to
seismic performance of steel t-resisting frames, including
metallurgy, welding, structural and fracture mechanics, joint design and
behavior, structural system behavior, nondestructive evaluation and
inspection techniques.

. Identify effective inspection procedures and nondestructive evaluation
tools.

- Develop effective and practical modeling and analysis tools for
evaluation of existing steel frames and for the design of new structures.

L Develop, evaluate and document professional practices and recom-
mendations for design guidelines related to repair, evaluation and
retrofit, and new construction.

. Assess the cost-effectiveness, performance expectations and practicability
of resulting guidelines and practices through detailed case studies of
public buildings damaged by the Northridge earthquake.

. Laboratory and field experiments, including large scale component,
assemblage and structure tests, will be conducted to gather needed

information on performance.

& Implementation of the developed guidelines and standards of practice will be
encouraged through frequent workshops and technical bulletins, training
materials, instructional programs, and development of electronic data bases.

Professional design issues are also a major aspect of the program.

Effective information dissemination and training programs are crucial to implementation of the
findings. These activities are described in part in the subsection below.

Because of the complexity of the technical problems involved and the need to involve experts
from many fields, the SAC Joint Venture has established a special management structure. The
strong, but responsive centralized management structure will ensure accountability and
on-time delivery of project deliverables.

The intellectual resources to solve these problems are being drawn not only from the
tremendous base of engineering and technical expertise and analytical and experimental
capabilities available through the partners in the SAC Steel Program, but every attempt is being
made to engage the best technical talent from throughout the U.S. interested in participating in
this program.
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Liaison is also being maintained with other on-going investigations and research programs,
and relevant information from these sources will be incorporated into the plan and work

products of this project.
COMMITMENT TO ENHANCING UTILIZATION OF PROJECT RESULTS

The success of the SAC Steel Program will be measured in terms of both the technical merit of
its recommendations and the effectiveness of their communication to the engineering and
construction industry.

SAC will develop a Utilization Plan to ensure that end use of its products is paramount in task
planning and execution. The Utilization Plan will describe how the project will provide
information to potential users and how it will identify the information that is needed by these
users. The Utilization Plan will clearly state its commitment to improving utilization of results
and will detail the actions planned to facilitate implementation and utilization of results and
recommendations. Each project activity will develop a specific Utilization Plan crafted to meet
the requirements of that activity, consistent with the format of the overall Utilization Plan.
Plans for each project activity will concisely outline the intended beneficiaries of the effort and
describe what actions should be taken to enhance the use of the products of the activity. The
Utilization Plan will be treated by the Project Management Team as a critical element of the
investigation planning and management system - just as important as the investigation
objective, plan, personnel, schedule and budget. Utilization Plans for individual activities will
be incorporated into the overall project efforts.

Improving the availability of information to the practicing engineer and tailoring that
information to respond to his or her practice needs entails many different types of activities,
Seven basic steps have been identified:

1 Formulate Utilization Plans to provide the basis for project actions directed
towards producing information that is both useful to, and used by, those who
have a need for it.

z Involve practicing professionals directly in advisory and technical review
functions as an integral part of project management.

3 Distribute newsletters to make information sources and results known - in
addition to wide dissemination of technical reports and publication of technical

papess.

4 Prepare bulletins to synthesize and interpret findings on topics of general
interest and present them in a form usable by engineers, regulators, contractors,
craftspeople, and so on.

5. Develop standards for recording, documenting, storing and distributing
analyses and experimental data.

6. Establish an electronic data base for distribution of project schedules, activities
and results.
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7.

Conduct seminars, workshops and training courses on project topics for
engineers, regulators, contractors, craftspeople and others.

The goal of requiring Utilization Plans is to focus attention on what is required to make the
investigation not only technically successful, but also one that produces information that is
both useful to, and used by, those who have a need for it. The Utilization Plan for each activity
will include at least the following:

1.

5.

Intended beneficiaries of the knowledge or information developed (termed
“users” below), Intended users are distinguished from one another by their
characteristics. Each activity may have several potential user constituencies.
Methods by which the results of the project are to be recorded and presented.

The extent to which users will be involved in the formulation of the objectives
and Work Plan for the investigation.

The specific actions to be taken by the research team to make information
available to intended users.

Sources of information used to develop the Utilization Plan.

The Project Management Team will regularly review Utilization Plans for each activity, as well
as for the project as a whole. Progress toward targets will be measured. Adjustments and new
approaches will be tried, if necessary to meet stated goals.
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SEISMIC BEHAVIOR OF STEEL BEAM-COLUMN MEMBERS

Carlo A Castiglioni
Associate Professor
Structural Engineering Dept, Politecnico di Milano, Italy

Abstract

In this paper, the experimental results obtained during an extensive festing program on the
cyclic behavior of steel members under bending and/or compression and bending, carried out at
the Structural Engineering Department of Politecnico di Milano are presented and discussed

L. Introduction

The response of a structure under cyclic loading largely depends on its ductility, that is on its
ability to dissipate energy and sustain large plastic strains without showing brittle failure
mechanisms. Of course, the ductility of a structure is strictly related to that of its members,
which is a function of the ductility of the material and is influenced, for the steel, by local
eﬂ'amlikefniwemdhc!ure.uwellnbyglnhlmdloulbucklinaﬂnimponmmof
structural ductility is clearly evidenced by the great number of research works [1-13] both
experimental and analytical, that have been performed all over the world on this topic in the
last three decades Standard testing procedures were also proposed [8,10] with the aim of
unifying the experimental approach and obtaining comparable results from different research

projects

As a consequence for these and other researches carried out in different countries, most of the
recent codes dealing with the design of structures in seismic regions [14-17] consider the
possibility of reducing the horizontal forces obtained through a linear analysis, in order to
account for post elastic behavior and ductility

For a correct statement of the global ductility of a structure, both the ductility demand
connected with seismic actions and its global inelastic resources, which depend for example on
structural typology, second order effects and eventual brittle fracture mechanisms, must be
taken into account

Extensive research were recently performed in many countries on the dynamic behavior of steel
structures. Of course, it is not feasible to perform exclusively dynamic testing programs on full
scale structures, because of the costs connected with this kind of approach A valid alternative
is however represented by quasi-static cyclic tests performed on structural elements (or
structural systems) combined with numerical simulation of their dynamic behavior

For an adequate simulation of the behavior of steel members under seismic loading it is
however necessary on one side to adopt a constitutive law for the material able to reproduce
with sufficient accuracy its inelastic behavior under various loading histories, on the other side
to set up numerical models able to simulate the progressive damage of the structural element
due to local buckling and low cycle fatigue

In this paper, the experimental results obtained during an extensive testing program on the
cyclic behavior of steel members carried out at the Structural Engineering Department of
Politecnico di Milano are presented and discussed Based on these results, a numerical
simulation model was developed and calibrated [11], as well as a simple cumulative damage
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model [21,22), based on Miner's rule [19]. Some possible failure criteria for steel members
under seismic loading, calibrated against the experimental test results will also be presented and
discussed.

2. Experimental research

Research in the field of seismic and cyclic behavior of steel structures has been widely
performed, both experimentally and numerically, by the Steel Construction Group of the
Structural Engineering Department of Politecnico di Milano [18).
In particular two experimental studies were carried out, the first one dealing with welded box
and I shapes [7], the second one dealing with rolled I shapes of the commercial series HEA,
HEB and IPE [12]. In both these studies it was tried to adopt uhapuwalh comparable values
of the ratio ¢; (of the half flange width ¢ to the flange thickness 1), in order to highlight the
influence of the restraint offered by the web to the buckling of the flange  The obtained
results, as well as the number of discrepancies found in the approaches adopted by the various
Codes with regard to the influence of the d't,, ratio of the web on the behavior of | shapes
under cyclic loading, indicated the need for further studies in this field
Most of these previous experimental research works were carried out following the ECCS
Recommended Testing Procedures [8] According to these Recommendations, groups of three
displacement cycles are imposed to the specimen, each group having an increased cycle
amplitude These loading procedures, although allowing a correct assessment of the global
behavior of the specimen under testing, are not suitable for the assessment of the single aspects
governing such behavior. In fact, by varying the amplitude of the displacement cycles, strain
hardening effects are superimposed to reductions in load carrying capacity due to local
ing and low cycle fatigue crack propagation For this reason, a research program was
undertaken at the Structural Engineenng Department of Politecnico di Milano [13], focusing
on constant amplitude testing, as other authors [10] previously suggested
The experimental testing program encompasses cyclic quasi-static tests to be performed on
full scale laminated steel beams of the commercial series HEA, HEB and IPE
Two different testing procedures are followed
1. quasi-static tests with imposed displacement cycles of constant amplitude v,
2. quasi-static tests with imposed displacements following a “random” path, previously
obtained by dynamic numerical simulation of the seismic response of similar elements by
means of the numerical models set up during earlier research projects [11,18]

Shape Arca Flange Web
(em?) b2 i cAp | h d [ =
L] L N—
HE 220A 643 20 110 WO | Mo 120 0 217
HE 7208 910 20 160 69 | 20 1520 95 160
IPE 300 538 15 107 70 [ 300 2486 71 35
HE 120A 253 120 80 75 | 114 40 50 148
HE 140A 34 140 85 82| 133 W0 55 167
Table 1- G | propertics of specimen shapes

Within this research program, tests were performed at the Structural Engineering Department
of Politecnico di Milano [13] on full scale cantilever members 16 m long (fig.1), of the
commercial shapes HE120A, HE140A, HE220A, HE220B and IPE300 (whose geometrical
propreties are given in tab 1), using an equipment (9] capable of applying horizontal cyclic
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actions in a quasi-static way. Presently, the testing programme is continuing, in order to enlarge
the data-base, and tests are carried out also considering the presence of an axial load

3. Beams

To date, 40 tests were performed (11 on HE220A shapes, 12 on HE220B, 11 on IPE300, 3 on
HE120A and 3 on HEI40A) imposing to the specimens displacement cycles with a constant
amplitude.

In addition to the usual hysteresis loops in terms of force applied on the top vs. top
Mghﬂmwﬂmmm:weobmﬁbymohw
of LVDTs positioned as shown in fig. 1, and processed following the ECCS Recommended
procedures [8] in order to obtain informations regarding resistance ratio, rigidity ratio,

e T ﬂ.lmullliye energy ratio and buckle
i ;e a size which were plotted vs the
—7_ [ number of applied cycles

| Before any comment, it is
\ important to  remember  that,
according to the definitions given in
EC-3 (see tab 1), HE220A profile
‘ has a ¢ty ratio of the flanges (10 0)
B f ; ) larger than that of HE220B (6.9), of
; | IPE300 (7.0), of HE120A (7.5) and
T J

of HE140A (8 2), while its width to
thickness ratio for the web (d7,~
21.7) is intermediate between those
of HE120A (14 8) and of IPE300
(d'ty, =35.1), and a little larger than
those of HE220B (d't,, =16 0) and
of HE140A (d'ty, =16.7) which are
similar to each other
N In order to highlight the different
effect of the geometrical properties of
s — the cross section on the behaviour of
beams under cyclic loading, some
typical results are here presented and
discussed with particular reference to specimens which were tested under cycle amplitudes
resulting in similar values of the ductility ratio Av/y,.

Taauy

"+FTTTTT_T

TR

Figures 2, 3, 4 and 5 respectively show, plotted vs the number of cycles withstanded by the

« the resistance ratio (F/F), of the load carrying capacity of the specimen at each positive
reversal normalised on the yield strength determined according to ECCS Recommended
procedures [8];

« the rigidity ratio (k’k, ) of the stiffness, conventionally determined according to Ref [8] as
the tangent modulus corresponding 1o the change of the sign of the applied load, normalised
on the elastic initial one,
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+ the cumulative energy ratio (£/E,) of the absorbed cumulative energy

(defined as the sum of

theuusofuﬂﬂncycluwﬂh&mdedbyﬂum)mnnﬂndmlheenﬂym

BEAMS
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L] w0 0 30 «©

Cycle
Fig 2 Comparison of typical
strength degradation trends

under the same cycles,
by an ideal specimen
made of an elastic
perfectly plastic
material

o the buckle #ize of the

flange edges (ie the
maximum out of plane
deflection of the flange
due to buckling)

The following fig 6 plots
for all the HE220A,
HE220B and [IPE300
specimens  tested under
constant amplitude
loading, the cumulative
energy ratio vs. the number
of imposed cycles times
the cyclic excursion in the
plastic range (computed as
Av-2v,) divided by v, The
term on abscissa can be
regarded as the total
cumulative excursion in
the plastic range
withstanded by  the
specimen

By examining these figures, the following considerations can be drawn, having a general validity,

for the shapes examined in this study

‘ ‘ ® rEmew (A=t |
1 W rEzoA (A= 1141)

& PEm0 |\\Nr-“.m |

"W:“.‘.l
TaE R o w1
Cycle

fig. 3 Comparison of typical trends of rigidity
ratio for HE220A, HE220B and IPE300 shapes

Deterioration  effects,
causing a reduction in
load carrying capacity,
stiffness and hysteresis
loops area begin earlier
in  specimens having
larger ciy ratio (eg
HE220A), but beams
characterised by larger
d'ty, ratios (eg
IPE300), although
initially  following an
imermediate  behavior
experience much faster

degradation,




81

A major role in governing local buckling effects is played by the web slenderness ratio

dy,

Buckling develops completely within a few cycles, whose number seems to depend on the

d'ty, ratio, then stabilisation of the buckles size occurs.

For all types of profile, once local buckling takes place and buckle size stabilisation

~fl}- HEZOA (VY =1111)
_. (avivy = 11.11)
v IPE00  (aVNy = 11.20)

1.10 -~ i
1.00
i
P
i
5%
*a
o ::“"-_
o - —
[ w . » »

fig. 4 Comparison of typical trends of
adsorbed energy ratio for HE220A,

HE220B and IPE300 shapes
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fig. 5 Comparison of typical trends of buckle
size for HE220A, HE220B and IPE300 shapes

- Flange w200 men Len Side HEZZ0A (VY = 11.99) |

oceurs, also the
and the rate of reduction
in load carrying capacity
decreases with increasing
the number of cycles
imposed to the specimen,
until a final stage is
reached, when  the
deterioration rate
suddenly increases again
and  the specimen
collapses after a few

(longer) phase of cycle
stabilisation to  that
leading to collapse
The differences
behavior at the final
stage, between HEB
specimens, HEA and IPE
ones are associated with
a difference in their
failure modes. HEA and
IPE  beams generally
collapse by steady crack
propagation due to low-
cycle fatigue effects, the
HEB specimens, on the
contrary, evidence some
kind of brittle fracture of
both the flange and the
web, either at the
specimen-to-base  welds
or at the plastic hinge
where, due to large
localised distortions,
surface cracks usually
develop a few cycles
after local buckling of
the flange plates
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fig. 6 Cumulative energy ratio vs. total cumulative
excursion in the plastic range withstanded by the
specimen, for all beam tested under constant

amplitude cycles
fig. 6.1 HE220B
fig. 6.2 HE220A
1
000
fig. 6.3 IPE300
oso T T T ]
o 10 00 00 -




4. Beam columns

Tests were also carried out with the presence of an axial load To date, 3 tests were performed
on HE120A, with an axial load PPy, = 005, 3 tests on IPE300 with PPy, = 0.10, and 8 tests

Fig 7 Experimental set up

HEAD102
P/Py=0.10
W=t 50 mm
e ity PN
Axial load
| - ‘ “["“I' ||I||||i‘u.l ipp H, "
. W 'r
||1 ll"l u! L "H{ .
” Power jackscrew load

e s 000 0
B .g..m-uu ponts

Fig 8 Variation of axial load and of applied
horizontal force during a typical test

on HE220A specimens, subjected to three
different values of the axial load » PP,
=0.05, 0.10 and 0.125 (where P, = fid is
the plastic strength of the cross section)
The axial load was imposed by means of
an hydraulic jack (fig 7-B) positioned
between the top of the specimen and a
transversal rigid beam (fig 7-A)
connected by means of high-strength
tendons (fig 7-C) to two lateral hinges
(fig 7-D) The axial load in the jack and
in the tendons was monitored by means of
dynamometers directly connected to the
data acquisition unit The axial load was
kept constant during the test by
readjusting the oil pressure by means of an
hydraulic pump, in order to compensate
for specimen shortening due to large
deformations and local buckling at plastic
hinge location

The experimental set-up is such that the
applied axial load direction is cohincident

with the longitudinal axis of the specimen,

and during cycling, tilts together with the

specimen axis Hence, no P-A effect is
induced in the base section by the axial
load Further tests are already
programmed, with a modified test set-up,
such that it will be possible to keep
unchanged the axial load application line
during cycling, and investigate the
influence of second-order P-A effects
Fig. 8 shows the variation of the axial load,
as well as of the horizontal force applied by
the jack to the specimen, during the whole
duration of a typical test The small
fluctuations of the applied axial load are the
consequence of both the honzontal cycling
of the specimen, as well as (as already said)
of the large deformations at plastic hinge
and specimen shortening It can however
be noticed that, by operating on the oil
pump, it is possible to keep such variations
within a sufficently small range
The presence of an axial load on top of the
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Fig. 9 Effect of axial load on strength degradation
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Fig. 10 Effect of axial load on local buckling of flanges
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The following fig 10 shows the
effect of the axial load on the
buckling rate of the specimen
flanges, in the case of HE220A
profiles It is evident that the
stabilization of the buckle size,
already discussed in the case of
beams, does not occur in the
presence of an axial load The
flange of the beam column
buckles in the first inelastic cycle,
and increases its out-of-plane
deflection until failure of the
member is reached, although with
an initial trend lower than in the
case of the beam
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the
experimental results it was
noticed that, at collapse,
the values of the ratios
F/F, of the strength 1o the
yield strength, and
cumulative energy ratio
EE,, are strongly
dependent on the type of
profile.  This is clearly
evident when examining
the following figs 11 and
12, where for the tests
carried out on beams,
respectively the ratios
F/F, and E/E,, at failure
are pruuuedf%’r HE220A,
HE220B and IPE300
profiles (at present, too
few tests have been
performed on  other
shapes, as HEI20A or
HE140A, to allow any
similar consideration to be
drawn for such shapes)
By examining figs 11 and
12, it can be stated that it
is not possible to define a
common failure criterium,
for both HE220A, IPE300
and HE220B profiles,
based on the achievement
of a limit value by one of
the previously  defined
ratios
Some authors [20]
proposed to adopt as
unified failure criterium the
reduction of the energy
dissipated in a cycle to
50% of that dissipated by a
member made of an elastic
perfectly plastic material,
cycled under the same
was formulated based on a
number of  numenical
simulations of the cyclic



behavior of steel members [7] Presently the experimental results obtained in the present study
are currently being reprocessed in order to experimentally validate the criterium proposed in [7].
on Fig. 13 shows the preliminary
’] results of such a reprocessing,
with reference to IPE300
A - specimens tested under cyclic
] L ‘M-mnkanEuo Sa—. mn::nomedlhu
080 - " the mean experimental
] - % Borteppea Y data of energy absorbed at the
last cycle before failure E ,

. normalised on the energy

0 absorbable in the same cycle
= - : a specimen made of an elastic
A IPE300 perfectly plastic material is 0.57
— This is in good agreement with

. the criterium proposed in [7]

e o It is particularly interesting to
.""(.w’mu“'“- formulate some collapse criteria
based on the achievement of a
Fig. 13 Values of energy dissipated at last cycle given level of deterioration of the
before failure for IPE300 specimens mec!mu:ul properties of the
material.
In fact, by means of such a
collapse criterium, the limit state at which the member is considered out-of-service, can be a-
priori defined.  Such a situation, of course, may not coincide with actual collapse of the
member. However, in order 1o be applied in standard design procedures, such a collapse
criterium must allow an assessment of the member failure conditions as close to reality as
possible, and always on the safe side.
Considering as parameters governing failure of the member the resistance ratio F/F, , and
cumulative energy ratio E/E,, , it is proposed to assume the following collapse criteria: :

Ec/Eopp AT COLLAPSE
>

«  for HEA220 profiles

FfFE, =07 or

«  for HEB220 profiles

Fg,-llﬂ or
=095

«  for IPE300 profiles

F =075 or
=070 or
=050 (if considering the criterium proposed in [7])

These values can be adopted for a safe assessment of the damage cumulated in the members
Hence, these values are not to be considered as the best fit of experimental results, but can be
regarded as possible reference values in damage assessment procedures
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From the carried out tests it was noticed [13] that, for all beams and beam columns tested, the
relationships which best fitted the experimental results in terms of cycle amplitude Av
(normalized on the yield displacement v, ) and number of cycles to failure N, , were exponential
functions of the type Ny =a*(Av/v, )* , with a and b constant parameters to be defined and
calibrated on the expenmental test results, for the different types of profiles This kind of
relationships are similar to the Wohler S-N lines [23] usually adopted in high-cycle fatigue
design.

By correlating the number of cycles corresponding to the attainment, by the assumed governing
parameter (F/F, , or E/E,, ), of the "limit" value to the cycles amplitude Av, it is possible to
define a limit (S-N) line associated with a particular collapse criterium

The definition of the "failure” condition, and in particular of the "limit" value to be assumed by
the governing parameter at failure, is particularly important and delicate because inflences the
identification of the appropriate S-N line for each detail and involves the assumption of an
appropriate safety factor

Based on the previous results and considerations, it has been shown elsewere [21,22] that, by re-
processing data of cyclic tests considering the stress range as the one associated to the real strain
range in an ideal member made of an indefinitely linear elastic material, it is possible to fit the
low cycle fatigue test data on beams, beam-columns and joints by means of the S-N curves
usually adopted for high cycle fatigue It has also been shown [21,22], that a linear damage
accumulation model [19] can be adopted, together with the previously defined S-N lines, for the
assessment of accumulated damage in members and connections under seismic loading
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STABILITY ISSUES IN THE
APPLICATION OF ELASTOMERIC ISOLATION SYSTEMS
TO THE SEISMIC RETROFIT OF HISTORICAL BUILDINGS

Ian G. Buckle
State University of New York at Buffalo
National Center for Earthquake Engineering Research

ABSTRACT

Elastomeric seismic isolators have been used in the United States for the earthquake
protection of new buildings and bridges for almost ten years. Of particular interest is the
use of seismic isolation for the retrofit of historical buildings and the use of elastomeric
bearings to decouple these fragile structures from strong ground motions.

Several major public buildings of historic and functional importance have been, or are
being, retrofitted using base isolation in the United States at this time. These include
the Salt Lake City and County Building in Utah, the Mackay School of Mines at the
University of Nevada in Reno, the Oakland City Hall, and the Ninth Circuit United
States Court of Appeals in San Francisco. In each case, seismic performance has been
improved while protecting the historical fabric of these buildings and reducing the overall
reconstruction cost.

Elastomeric isolation systems have been used in three of the four buildings just noted.
Their design required careful consideration of material strength, rollover equilibrium, and
buckling phenomena at high shear strain. Whereas these limit states are relatively well
understood for single bearings, system stability, which involves the interaction of critical
and non-critical elements is not so well defined. The successful application of elastomeric
isolators to the retrofit of the above buildings required a solution to this problem and the
development of improved methods for estimating an overall system factors of safety
against instability,

INTRODUCTION

Seismic isolation is a design strategy based on the premise that it is both possible and
feasible to uncouple a structure from the ground and thereby protect it from the
damaging effects of earthquake motions. To achieve this result, while at the same time
satisfying all of the in-service functional requirements, additional flexibility is introduced
usually at the base of the structure. Additional damping is also provided so as to control
the deflections which ocour across the isolation interface.

The concept is not new and many proposals have been made since the turn of the
Century for "..devices which absorb or minimize shock to buildings arising from
earthquake, vibrations caused by heavy traffic or other disturbances of the earth's
surface” [1].
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In 1906, Jacob Bechtold of Munich, Germany made an application for a U.S. Patent for
an Earthquake Proof Building. His primary claim was for “._an earthquake proof
building consisting of a rigid base-plate to carry the building and a mass of spherical
bodies of hard material to carry the said base-plate freely” [2].

Kelly, in an overview paper [ 3], has described the 1909 patent of Calantarients, a medical
doctor from Searborough, England who proposed “...a method of building to resist the
action of earthquakes” which used layers of tale to isolate the walls and floors from
ground disturbances. In correspondence to a Chilean colleague, Dr. Calantarients
acknowledged the existence of a Japanese system developed 25 years earlier, in the late
19th century.

Today, there appear to be more than 300 seismically isolated buildings and bridges
around the world. Some of this worldwide activity is reported in Reference [4] but since
1990, the date of this particular reference there has been continuing growth in the field
and the number and extent of these applications has increased remarkably in the
intervening four years. In the United States there are now approximately 76 bridges and
15 buildings which are either completed or under construction using isolation. There are
many more in the feasibility and planning stages. Of these 91 structures, more than half
are applications to existing structures.

APPLICATION TO BUILDING RETROFIT

Seismic isolation is an attractive alternative to conventional strengthening for existing
buildings because mmyumthenumclmd-unbemduudwﬂwumewduof
magnitude as the existing strength of a deficient building. This in turn may eliminate
the need for structural work above the isolation level. The advantages here are threefold.
When compared with installing a new lateral load resisting system inside an existing
building (a steel frame, for example), the alternative of working only in the basement to
install the isolation system is very attractive. This option can reduce construction cost,
minimize disruption to the occupants of the building (in many cases building operation
can continue throughout the retrofit exercise), and preserve the architectural integrity
of the existing building. Of these three advantages, the last one is particularly
compelling in the case of historical buildings of architectural significance. Conventional
retrofit schemes may destroy valuable and irreplaceable interior finishes and also change
the external appearance of a building. By contrast, isolation schemes are largely
invisible and preserve both the interior and exterior fabric of a building. In the United
States, this is particularly important for buildings that are listed on a National Register
because the fabric of these structures is protected by federal law and may not be altered
during rehabilitation work.

However, the use of isolation may not totally eliminate the need for structural work
above the isolators. Some existing buildings are so weak that it is not feasible to reduce
the seismic demand to less than the existing (minimal) capacity. As a consequence, some
strengthening may be necessary in addition to using isolation, but experience has shown
in these circumstances the amount of strengthening required is significantly less than
if isolation had not been used.
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ISOLATION HARDWARE AND ELASTOMERIC BEARINGS

Today, several different isolation systems are available and these generally fall into three
classes: elastomeric systems, sliding (or friction) systems and hybrid systems
(combinations of elastomeric and sliding bearings). Of these three, the most commonly
used is the elastomeric bearing which consists of alternating layers of elastomer and steel
and which is stiff in compression but flexible in shear.

These bearings may be of natural or synthetic rubber and maybe specially compounded
to enhance their hysteretic damping. Alternatively the bearings may be structurally
modified to include a damping element, such as the inclusion of a lead or granular core
on the vertical axis of the bearing.

In a typical building, isolators are located under each column, usually in a sub-basement.

In a bridge they are usually placed under each girder at the abutment seats and between

the column capbeam and the superstructure. There may be from 40 to 400 bearings in

such a structure depending on its size and weight. The individual bearings which make

up the isolation system are frequently interconnected by a diaphragm which is rigid in

::.olu own plane and which enforces displacement compatibility amongst the various
tors.

STABILITY ISSUES

Of particular interest in the retrofit of large historical buildings is the stability of these
elastomeric isolators while subject to varying axial load and simultaneously deformed to
high shear strain. Identification of the critical limit state is currently done by examining
three separate limit states for each individual bearing; these are the maximum shear
strain in the elastomer, the displacement at which rollover commences and the load at
which buckling may occur, The shear strain in the elastomer is used as a measure of
load capacity since it compares the total strain from all sources (compression, shear and
rotation) against the elongation-at-break for the elastomer. The other two limit states
are measures of bearing stability. System stability is then estimated by examining the
bearing with the lightest axial load, in the case of rollover, and the greatest axial load,
in the case of buckling.

However, instability in a single bearing does not necessarily mean that the system as a
whole is unstable. Since the axial load varies throughout the structure, it follows that
not all isolators are of the same size and stiffness or carry the same axial load.
Therefore, while one isolator may reach a limit state, others may not be critical or even
close to a critical state and these other isolators may act to restrain the unstable isolator
from failure. It follows that system factors of safety related to stability which are based
on individual bearing limit states, may be unduly conservative.

System Stability

To gain insight into system stability, it is useful to assume that the load - displacement
behavior for the system can be represented by a single curve. Such a relationship is
shown in Figure 1, in which the total structure shear force is plotted against shear
displacement for the building. Under the above assumption, this building displacement
is the same as the displacement for each individual bearing. Characterizing the
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Figure 1 System stability

displacement by a single value is valid provided a rigid diaphragm interconnects all the
isolators and torsion about a vertical axis is negligble. It follows that the system load-
displacement curve is the sum of the individual bearing load-displacement curves.

The displacement at which the system passes from stable to unstable equilibrium (i.e.
through the neutral point) is called the critical displacement for the system. The
corresponding shear force is clearly the maximum force that the system can sustain.

A system factor of safety can be calculated using either the critical displacement or the
maximum force, If the system is linear, as assumed in Figure 1, both methods will give
the same result. Ideally, this is the factor that should be used to estimate system
stability, rather than using worst case scenarios from individual bearings.

Bearing Stability

To construct a system load-displacement curve such as that shown in Figure 1, the
individual bearing limit states must first be modelled. As noted above, the two limit
states affecting bearing stability are rollover and buckling. These are further described
below.

The Rollover Limit State Rollover may occur in bearings which are fastened by dowels
to the masonry and sole plates of the structure. These shear-only connections do not
permit the transfer of tension through the bearing which therefore limit tensile stresses
in the elastomer to acceptably low levels. Conservative limits on these stresses have
been imposed because of the uncertain behavior of rubber in direct tension. However,
the absence of a tension connection means that the overturning moment which can be
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resisted across the upper and lower faces of the bearing is limited to a finite value and
once exceeded the bearing must overturn. Rollover at high shear strains can be
prevented by using a bolted connection, but at the expense of higher internal stresses in
the bearing.

The theory describing rollover has been previously presented (Reference 5). The essential
results are given in Figure 2 and summarized below. A typical bearing on the point of
rollover instability is shown in Figure 2a and the corresponding force - displacement
curve is given in Figure 2b. The value of the displacement at which rollover commences,
unless the shear force is reduced, is given by:

PB
R . (1)
(P+Kr H)

where: rollover displacement

axial (compressive) load on bearing

bearing width (shim width)

bearing shear stiffness

bearing height (includes all shims and rubber layers)

:I:a:ﬂ"ﬂ?

The initial slope is given by Kr, the bearing shear stiffness and is a function of the
rubber shear modulus, the bonded area of rubber and the total thickness of deformable
rubber layers. The second slope is given by -P/H and is a function of axial load and
overall bearing height. It is negative which indicates the need to unioad the bearing if
it is to remain stable at this displacement.

The Buckling Limit State Elastomeric bearings exhibit buckling phenomena in much the
same way that structural columns are susceptible to compressive loads. The buckling
theory for these bearings has been developed by Haringx (Reference 6) and Gent
(Reference 7). It is also reported in Reference 2. It will be seen that the critical buckling
load for an elastomeric bearing is given by:
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Figure 2 Rollover and buckling limit states for an elastomeric bearing
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S = layer shape factor
1 - moment of inertia of bearing about axis of bending

However this expression neglects the effect of large shear deformation on the properties
of the elastomeric "column”. One way to account for these reduced section properties is
to use an effective column as shown in Figure 2a. This approximate method simply
scales the critical load given by Equation 2, by the ratio of the areas of the effective and
actual "columns”. The result, for rectangular bearings, is then as follows:

Pe’ = pc{1 " %) @)

where: Pd = modified buckling load
Pe = classical buckling load given by Equation (2)
A = shear displacement

This relationship is illustrated in Figure 2c.

Associated with the buckling phenomenon is the corresponding dependence of shear
stiffness (Kr) on axial load (a sudden decrease in stiffness may be used to indicate the
onset of buckling). This dependence has also been rigorously established (Reference 4)
and approximate formulations have been developed which are slightly easier to use
(Reference 2):

B . x’(; . ¢Lr] )
&f

where: K = modified shear stiffness

This relationship is illustrated in Figure 2d. It will be seen that when the axial load is
small compared to the buckling load (P < 0.3Pc"), there is less than a 10% reduction in
stiffness and in these cases this effect can be neglected. Since most elastomeric bearings
have squat aspect ratios, their buckling loads are inherently high at small shear
displacements. But, at higher displacements and for bearings with more slender
geometries, this reduction in stiffness will be important.

The procedures noted above have been used to estimate the system factor of safety for
a number of isolated buildings to date. The advantage gained, for the effort expended,
is particularly significant for buildings supported on a large number of isolators such as
typically found in historically significant buildings.

CASE STUDY

The first building in the United States to be retrofitted using isolation was the City and
County Building in Salt Lake City, Utah. The retrofit was completed in 1988 and since
then at least 4 other existing buildings have been (or are being) retrofitted in this way
(in the US).

These four buildings are summarized in Table 1 and two are further discussed in
subsequent sections of this paper. It is noted that future applications include the City
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Halls for both San Francisco and Los Angeles. It is also noted that the 80-year old
Parliament House building for the New Zealand Government was recently retrofitted
using elastomeric isolators.

Table 1. Retrofitted historical buildings using seismic isolation

Type of Year Year Isolation Additional
Building Construction | Constructed | Retrofitted Systom Strength-
ening
Required?
City and County | unreinforced lead-
Building brick and 1894 198677 rubber minor
Salt Lake, Utah | sandstone bearings
Mackay School of | unreinforced high
Mines, brick, wood 1008 1990 damping
Reno, Nevada floors and rubber minor
roof trusses bearings
and aliders
US Court of non-ductile friction-
Appeals, San steel frame pendulum
Francisco, and unrein- 1905 19934 bearings yes
California foroed
masonry
cladding
City Hall non-ductile lead-
steel frame rubber
California and 1914 1993/4 bearings yos
unreinforced
masonry
cladding

City and County Building, Salt Lake, Utah

The City and County Building in Salt Lake City, Utah was completed in 1894. It is
located in a moderate seismic zone and has been damaged in past earthquakes. During
a complete rehabilitation of the building in 1987, seismic isolation was used to improve
its performance in future earthquakes. This description of the building and the isolation
system is by Elsesser, Walters and Allen (Reference 8).

The Salt Lake City and County building is a monumental, highly ornamented
unreinforced brick and sandstone structure measuring 130 x 270 feet in plan, with five
main floors and a 12-story clock tower (Figure 3). The plan is approximately doubly
symmetrical (Figure 4).

The seismic vulnerability of the structure, due to its lack of reinforcement, is aggravated
by the closeness of the site to the nearby active Wasatch Fault Zone. The building has
a record of damage from various earthquakes, the largest occurring in 1934 with a
Richter magnitude of about 6.2, Seismic damage to the building includes cracks in the
bﬁl&lﬂsnﬂnmdhﬂsdmﬂpﬂm, roof stones and mechanical equipment form the
clock tower.
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Figure 8 Elevation of City and County Building, Salt Lake City
(from Reference 8)

Figure 4 Basement plan showing isolator locations,
City and County Building, Salt Lake City
(from Reference 8)
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The structure is supported by bearing walls of unreinforeed brick and sandstone masonry
which rest on sandstone plinths and 8'-6" wide continuous concrete footings. The interior
brick bearing walls have a maximum thickness of 24 inches at the base. The exterior
walls, which have an exterior wythe of sandstone masonry, reach a base thickness of 36
inches. The multiple wythes of brick in each bearing wall are bonded together solely by
the original sand-lime mortar, which is quite deteriorated in many locations.

The central unreinforced masonry tower, which is approximately 40 feet square in plan
at its base, rests on four solid piers of sandstone masonry which are L-shaped in plan
and have a maximum dimension of 13 feet.

The 1st and 4th floors are framed with timber joints and planks, with a wooden floor
surface in some locations and a concrete topping in others. The 2nd and 3rd floors are
framed with steel beams supporting shallow brick “jack arches”, which are covered with
stone ballast and a concrete topping. At all levels, horizontal anchorage between the
walls and floors is minimal.

In late 1984, the architects, the Ehrenkrantz Group of San Francisco and Burtch W.
Beall, Jr., FAIA, of Salt Lake City, considered three different rehabilitation schemes, one
of wluch was base isolation. The other two concepts involved “conventional”
reinforcement systems which required the addition of concrete shearwalls and the
corresponding removal and replacement of costly architectural wall finishes, such as oak
wainscotting and plaster. In addition, conventional methods would have required a
substantial amount of reinforcement to tie the walls to the floors and to resist out-of-
plane wall loading, all of which would also be disruptive to the finishes. In order to
minimize the need for wall reinforcement and replacement of finishes, it was decided to
concentrate on developing an economically competitive base isolation scheme. By
isolating the structure, horizontal accelerations were reduced substantially, thus
minimizing the need for wall strengthening and, thereby, removal and replacement of
architectural finishes. Another benefit of base isolation was the reduction in out-of-plane
anchorage forces and bending moments in the unreinforced masonry walls.

The installation sequence required that each masonry wall be gripped between a pair of
reinforced concrete "side beams” which were then notched into each wall to allow direct
bearing, and tied together through the wall by regularly spaced concrete cross beams and
ducted prestressing rods. Once these beams were cast and clamped to the wall, portions
of brick and plinth below the cross beams were then removed, creating a space in which
the isolators and bearing plates were installed to bear on the existing concrete footings
(see Figure 5). A similar scheme was developed for the central tower, whereby each of
the four sandstone support piers was jacketed with a reinforced concrete collar which was
then clamped to the pier leg in each direction by prestressing rods. Pieces of stone plinth
below the pier were then removed in stages, starting at the corners, to create space for
the new isolators.

In total, there are 447 isolation bearings in the building. Of these, 208 are lead-filled
elastomeric bearings using standard natural rubber. They are 17 inches square by about
15 inches tall with a 2.8 inch diameter lead core. The remaining 239 isolators are
standard elastomeric bearings of the same overall size but without a lead core.
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Average displacements and base shears for two design earthquakes were calculated to
be 4.1 inches and 0.085W for the 0.2g event and 10.3 inches and 0.19W for the 0.4g
event. Tower base shears were 530 and 840 kips respectively. Since the base shear
capacity of the existing masonry was 0.09W and 650 kips respectively, no masonry
strengthening was specified. However some floor-to-wall ties were still required and
mmennhmng' of the clock tower, above the roof line of the main building, was also

To reduce the effects of elastic axial shortening of the isolators, which was calculated to
be about 0.1 inches, the isolators were pre-loaded by flat hydraulic jacks placed beneath
the new bearing plates before shimming and grouting the plates. With the isolators
installed, the remaining plinth stones were then removed to allow the isolators to
translate freely in the event of an earthquake.

CONCLUSIONS

This short paper has briefly outlined some of the stability issues for elastomeric seismic
isolators. It has also illustrated the application of these isolation systems to the retrofit
of historical buildings by describing a recent case study. The particular advantage of this
retrofit technique for this class of building, is the minimal disruption to the interior and
exterior finishes and the protection of the architectural integrity of these structures. It
is however noted that in each of the cases discussed above, additional strengthening was
also required. This was necessary because the original buildings were designed before
modern seismic codes were adopted and constructed of non-ductile materials with poor
connection details. As a consequence their capacity for seismic load as so weak that
isolation could not reduce the demands sufficiently, i.e., to below the existing strength.
nevertheless the amount of additional strengthening is less than if isolation had not been
used and in some cases it was relatively minor. Further, as contractors develop and
refine construction techniques necessary to install isolation systems and strengthen
existing buildings, the cost of doing so will decrease. The number of historical buildings
that are retrofitted with seismic isolation can be expected to increase in the years ahead.
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INTRODUCTION

Unlike lateral forces due to wind, design earthquake forces are somewhat fictitious.
Due to resons of economy, code specified lateral seismic design forces are generally a
fraction (in the order 1/10) of lateral inertia forces that would be induced in a structure
if it were to remain elastic during a design level major earthquake. Therefore, in the
event of a design level earthquake, code designed structures are expected to undergo
large reversed cyclic deformations beyond the elastic limits, causing severe cyclic
yielding and buckling at local and member levels as well as in connection regions. The
codes do recognize this fact and make attempt to ensure satisfactory behavior through
provisions requiring compactness and lateral bracing. This is particularly true for
structures which are designed and detailed for ductility in which case premium is given
by specifying smaller design forces. Nonetheless, design calculations proceed in the
same manner as for wind forces, namely, checking strength and deflections at specified
gravity and lateral force combinations, U.S. design practice does not require explicit
checks to show that the structure does possess desired behavior beyond the elastic
limits. In fact, design of seismic resistant structures with no ductility is permitted by
increasing the specified design forces.

The above mentioned design philosophy has served the profession generally well in the
past. That is, no ca ic failures or collapses of steel structures were observed in
major earthquakes with the exception of the collapse of Pino Suarez buildings during
the 1985 Mexico City earthquake. However, the Northridge earthquake of January 1994
and the most recent devastating earthquake in Kobe, Japan, in January 1995, showed
that severe ground shaking can cause very widespread and severe damage to steel
structures. Although no steel structure was reported to have suffered complete collapse
during the Northridge earthquake, the Kobe earthquake caused collapse of many steel
structures. While it is somewhat comforting that total and catastrophic collapse of steel
structures and resulting loss of life have not been too common in the past, recent
experiences suggest the need for evaluating the damage potential of existing structures
in future major earthquakes, and possible strengthening or upgrading for improved
performance and safety. It could be hardly debated that upgrading a structure before it
is actually damaged by a major earthquake will generally be much less expensive than
waiting for the event and repairing the damage after it has occurred.

Briefly discussed in this paper are some potential problems that may exist in two of the
most common types of steel framing systems, i.e., the concentrically braced frames and
the moment frames. Many of those problems have been observed in damage caused by
past earthquakes, including the Northridge and the Kobe events. Based on available
knowledge and past research some possible techniques for upgrading are discussed.
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Also included are some thoughts for needed research, and future design practice for
new structures,

CONCENTRIC BRACED FRAMES (CBF)

Concentric braced frames (CBF) are among the most efficient structural systems in steel
for resisting lateral forces due to wind or earthquakes because they provide complete
truss action. However, this framing system has not been considered to be very ductile
in past design practice and by codes. The non-ductile behavior of these structures
mainly results from early (premature) cracking and fracture of bracing members or
connections during large cyclic deformations in the post-buckling range. Instead of
requiring the bracing members and their connections to withstand cyclic post-buckling
deformations without early premature failures (i.e., for adequate ductility), codes have
generally specified increased lateral design forces instead. Numerous studies by the
author over the past fifteen years have shown that this design philosophy results in
rather poor performance of CBF under severe ground motions (1, 2]. Bracing member
and connection failures have been observed in many past earthquakes. However, the
two most recent earthquakes - the Northridge and Kobe events - have reconfirmed
many findings by the author in a rather graphic manner.

During a severe earthquake, bracing members in a CBF experience large deformations
in cyclic tension and post-buckling range which cause reversed cyclic rotations to occur
at plastic hinges which form in the member at the ends and mid-length. The braces in a
typical CBF should be expected to occur at story drifts of about 0.3 percent to 0.5
percent, which can easily be caused by a moderate intensity ground motion. In a severe

earthquake, however, the braces could undergo post-buckling axial deformations
of 10 to 20 times their tension yield deformation. In order to survive such large cyclic
deformations without premature failure, bracing members and their connections need
to be detailed for adequate ductility.

In September 1993, just prior to the Northridge earthquake of January 1994, the
International Conference of Building Officials (ICBO) had accepted a comprehensive
code change proposal by the author which introduced provisions for design of CBF
based on incorporating ductile behavior for the first time in the 1994 edition of the
Uniform Building Code. This class of CBF is referred to as Special Concentric Braced
Frames (SCBF) in the UBC [3]. Because there exists a large inventory of "non-ductile”
CBF designed by past code provisions, the Northridge and Kobe experience suggests
the need for evaluating their potential for damage and possible upgrading for improved
performance in future events. Some of the more important aspects are briefly discussed

as follows:

Local Buckling of Bracing Members

In the post-buckling range of a bracing member, local buckling of compression elements
limits the moment capacity and consequently the compression load capacity of the
member. More importantly, however, the extent and severity of local buckling has a

major influence on the fracture life (ductility) because of high concentration of reversed
cyclic strains at those locations. Therefore, in order to prevent early fracture of bracing
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members the limiting width-thickness ratios (compactness) should be smaller than
those used in current and past practice. This is reasonable because seismic design relies
on the ability of structural members to withstand large reversed cyclic inelastic
deformations, Since, the codes have allowed non-compact sections for bracing
members, they are prone to very early fractures, thereby, placing heavy flexural
demands on columns which are typically not designed to meet those demands.

Hollow rectangular tubular sections are very popular for bracing members. However,
they are also very vulnerable to fractures in just a few cycles at modest deformation
levels. Studies have shown that filling the tubes with plain concrete can be very
effective in mitigating the effects of local buckling in bracing members. Goel and Lee
[4] showed that concrete infill can reduce the effective width-thickness ratio of
rectangular tubular bracing members by as much as 50%, thereby, increasing the
fracture life (ductility) by upto 300%. This is a promising technique for use in
upgrading work. However, the related effects, such as increased compression strength,
need to be considered in regard to their influence on affected beams and columns.

Stitch S Builbun B Mz

Once again, stitch spacing and strength of bracing members with built-up sections in
existing CBF have been determined without considering post-buckling behavior. Such
members have been shown to fracture very early due to individual bending of the
member components between points of stitches. Stitch spacing and strength need to be
such as to ensure integral bending of individual components during cyclic post-
buckling deformations. This greatly enhances their fracture life. Doubling the number
of stitches in most existing members should result in great improvement.

End C i R A

Single gusset plates are very commonly used for bracing members because of simplicity
of connections. Buckling in those members usually occurs out-of-plane, inducing out-
of-plane bending in the gusset plate, which has not been considered in past design
practice. It is important to allow the gusset plates to develop restraint-free plastic
rotations imposed by member rotations. Absence of this freedom results in premature
early fractures in gusset plates. It would be extremely difficult to create such freedom
in existing connections. One possible remedy is to add cross gusset plates or to create
some other means that would prevent flexure of the gusset plates completely, thereby,
forcing the end plastic rotations to occur in the member. While this method has
beneficial effect on the energy dissipation capacity, the consequent increase in member
compression strength needs to be considered for the affected connections and other
structural members. More research is needed to develop other corrective details.

Failure of end connections is quite often caused by combined action of axial force and
end moments under cyclic post-buckling deformations. This is more critical for in-plane
buckling members and bolted connections. Strain concentration and loss of stren

due to bolt holes need to be checked more carefully.
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Chevron bracing is a very popular pattern used in CBF. Elastic analysis and design
methods used in existing practice do not point to the need for checking strength of the
related beams for unbalanced force that is induced due to tension in one brace and
smaller compression force in the other after buckling. Kim and Goel [6] showed that
lack of adequate strength and lateral support of these beams can lead to serious
problems during a major earthquake.

MOMENT FRAMES

Unexpected widespread connection failures in welded moment frames during the
January 1993 Northridge earthquake have caused much professional and public
concern. The January 1994 Kobe earthquake in Japan also caused major widespread
damage to a variety of steel structures including connection failures in welded moment
frames. Due to the severity of the problem, a comprehensive program of study has been
initiated by SAC Joint Venture (a joint partnership of Structural Engineers Association
of California, Applied Technology Council, and California Universities for Research in
Earthquake Engineering) with major funding from FEMA (Federal Emergency
Management Agency). The study program addresses immediate and long-term needs
related to solving the observed problems in welded steel moment frames for repair and
retrofit of existing frames, as well as improving the overall performance of steel
moment frames for future earthquakes. Presented in the following are a couple of ideas
by the author which may be applied to upgrading the performance of the existing
damaged or undamaged but considered vulnerable steel moment frames:

Addition of Ductile C ic Braci

Past studies [2] have shown that addition of ductile concentric braces to non-moment
resisting frames can develop excellent strength, ductility and hysteretic behavior, and
overall performance in the event of a severe ground motion. This is because of dual line
of resistance between the braces and all columns, including those outside the braced
bays. It has been found that after buckling and yielding of braces, columns develop
considerable shears (upto 25 - 40 tﬁ:ﬂ:eﬂt of total story shears) through flexure even with
no moment connection between the beams and columns, It is assumed, however, that
columns are continuous over the floor beams, which is common in construction of steel
frames. This suggests that adding ductile concentric braces to damaged moment frames
in some bays can be an attractive and economical solution in many cases provided other
considerations such as foundations, function, and architecture do not preclude their use.
In this scheme it is implied that fractured girder flange connections could be left
unrepaired, but adequate shear capacity of the web connections must be ensured and
any loss of column strength due to cracking is restored. Encasement of columns with
Reinforced Conerete can also be considered as an alternate means of strengthening
them, where needed and feasible to do so. This scheme has the added advantage that
repair of the upgraded structure after a future major earthquake will be much more
economical as buckled or yielded braces are much easier and less expensive to replace
than detecting and repairing damaged moment connections. In fact, minor buckling or
yielding of braces can even be ignored and left unrepaired.
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Cutting R lax Onening in Girder Wek

This concept is a spin-off of recent development of Special Truss Moment Frames
(STMF) with open Vierendeel ductile segment near the middle of the floor truss girders
[6]. These frames behave in a truly strong-column ductile girder fashion with "yield
mechanism” forming under factored combined loads or design level ground motions
through plastic hinges in the chords of the open segments only with no inelastic or
ductility demand elsewhere, Figure 1. Such a condition can be created in existing
"deficient” or even Ordinary (non-ductile) Moment Resisting Frames (OMRF) by cutting
an open panel in the web of the floor girders of W sections. A schematic of this concept
is shown in Figure 2. This concept also allows possibility of adding supplemental
damping devices in the open panels, if needed for further enhancement of structural
performance.

IMPLICATIONS FOR FUTURE DESIGN PRACTICE

Unprecedented widespread damage to steel structures caused by the Northridge and
Kobe earthquakes has also raised questions regarding future design practice. As
demonstrated by these two earthquakes and also indicated in some seismic risk analysis
studies, future major earthquakes are expected to cause heavy economic losses.
Therefore, in future seismic design practice increased emphasis is likely to be placed on
limiting structural damage (thus, economic loss), in addition to life safety and
preventing structural collapse during severe earthquakes. Existing design practice
requires strength and deflection checks under applicable design load combinations. The
author believes that a third step which ensures formation of pre-selected controlled
"yield mechanism” during extreme load conditions, such as during a severe design level
earthquake, should be included in future design practice. This would require
application of elements of plastic design concepts and selection of desired "yield
mechanism” to confine yielding and damage to known and limited structural elements
which could be easily repaired or replaced after the extreme event.

SUMMARY AND CONCLUSION

Widespread damage to steel structures caused by the recent Northridge and Kobe
earthquakes have reinforced the need for evaluating the damage potential of existing
structures in future major earthquakes, and possible strengthening or upgrading for
improved performance and safety during future similar events. Some potential
problems that may exist in two of the most common types of framing systems, i.e., the
concentrically braced frames and the moment frames, are briefly discussed. Some
promising techniques for upgrading work are presented which are based on available
knowledge and past research. Also included are some thoughts for needed research in
this area, and future design practice for new structures. The author believes that future
design practice should ensure formation of pre-selected, controlled “yield mechanisms”
at extreme load condition representative of a severe design level carthquake, in order to
achieve improved performance and repairability.
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Figure 1. Yield Mechanism of STMF with Open Ductile Segment
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TESTING OF STEEL MOMENT FRAMES JOINTS
IN RESPONSE TO THE NORTHRIDGE EARTHQUAKE

Michael D. Engelhardt’ and Thomas A. Sabol®

NORTHRIDGE STEEL CONNECTION DAMAGE

The January 17, 1994 Northridge Earthquake caused significant damage at beam-column joints
in steel moment resisting frames. This damage was associated primarily with the conventional welded
flange-bolted web type moment connection detail widely used in past west coast practice. A variety
of different types of fractures were observed at these connections. Fractures in the immediate vicinity
of the beam flange groove welds were a common form of observed damage, with fractures near the
interface of the beam flange groove weld and the column flange being particularly common. Fractures
of the column within the joint region were also observed. These included the pull out of "divots” from
the column flange at the groove weld, as well as fractures running across portions of the column
flange and web. In some i I passed through the full depth of the column section.
Fractures occurring at or initiating from the beam bottom flange groove weld appear to have occurred
far more frequently than at the beam top flange. More detailed damage descriptions are available from
other sources [3-5].

Causes of the observed damage have been the subject of considerable discussion [2-7]. It will
likely be quite some time before all the contributing factors are clearly identified and understood.
Some of the factors considered as possible contributors 1o the damage are as follows:

Wi

inadequatc welding workmanship and inspection;

lack of adherence to written welding procedure specifications;
the notch effect created by left in place backup bars;
detrimental effects of left in place weld tabs;

use of weld metal with low notch toughness.

« s 8 s »

Design Related Factors

* overstress of the beam flange groove weld and surrounding base metal regions due to
inadequate participation of the bolted web connection in transferring bending moment;

* uneven distribution of stress across the width of the beam flange groove weld;

*  highly restrained areas within the joint developing biaxial and triaxial states of tension,
thereby inhibiting ductile material response;

* increase in bottom flange stress and strain due 10 presence of composite floor slab.

Material Related Factors
* actual yield stress of A36 beams considerably in excess of 36 ksi;

*Assoc. Professor, Dept. of Civil Eng., Univ. of Texas at Austin
*President, Englekirk & Sabol Consulting Engineers, Inc., Los Angeles
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* inadequate through-thickness strength or ductility of column flanges;
* inadequate notch loughness of column material;
*  high values of yield 1o tensile strength ratios (F/F).

It is emphasized that the above list, which is not exhaustive, represents speculation, The role of these
and other contributing factors has yet to be definitively demonstrated.

TEST PROGRAM

Within approximately three months following the Northridge Earthquake, a short term
intensive testing program was initiated under the guidance of the AISC Task Commitice on the
Northridge Earthquake [2]. The purpose of this test program was to gencrate some immediate data
on the effectiveness of various measures intended to improve connection performance under
carthquake loading. This program was directed towards stecl moment frames that were under design
or construction at the time of the earthquake, and that were in need of immediate guidance on
improved design and construction techniques for moment frame joints. Thus, the fest program
emphasized connection details for new construction, and was not intended to investigate repair
procedures for damaged joints.

Tests were conducted on single cantilever type test specimens, as shown in Figure 1. Slowly
applied cyclic loads were applied at the tip of the cantilever. Beam tip displacement was increased
until connection failure occurred, or until the limits of the testing apparatus were reached. Test
specimen performance was judged primarily based on the level of inelastic deformation achieved in
the beam prior to connection failure. All test specimens were construcied of W36x150 beams of A36
steel, and cither W14x455 or W14x426 columns of A572 Gr. 50 stecel.

A number of different connection details were investigated in the test program. The
connections incorporated what were intended to be improvements both in welding and in connection
design. For each connection, two replicates were constructed by two different structural steel
fabricators in order to gain some confidence in the repeatability of results. A total of sixteen
specimens were tested. Highlights for several of these tests are discussed below.

The first connection detail investigated was the conventional welded flange - bolied web
detail, designed in accordance with the seismic detailing provisions of the 1991 Uniform Building
Code. The detail for this specimen, designated as Specimen 1, is shown in Figure 2. Although the
conventional connection detail was used, several improvements were incorporated in the welding,
including removal of backup bars and weld tabs, combined with close attention to welding
workmanship. Welding was accomplished by the self shielded fux cored arc welding (FCAW)
process, as it was for all specimens in this test program. The electrode used for the beam flange
groove welds for Specimen 1 was classified as E70T-4, typical of past field welding practice for this
connection. This electrode is characterized by very high deposition rates, but can result in weld metal
with rather low toughness and ductility.

Both replicates of Specimen 1 showed poor performance, developing only very limited
ductility in the beam prior to connection failure. The load-deflection response at the tip of the beam
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for one of the two replicates of this detail (designated as Specimen 1A) is shown in Figure 3. Failure
of both replicates occurred by sudden fracture at the beam flange groove welds, with the fractures
occurring near the weld column interface. No welding workmanship defects were visible on the
fracture surfaces. The unsatisfactory performance of these specimens suggests that improving welding
workmanship, by itself, may not assure satisfactory connection performance. It may be conjectured
that better performance could have been achieved if a different welding electrode or different welding
process had been chosen. Unfortunately, there was no opportunity to investigate this hypothesis as
part of this test program. The effects of varying weld metal properties, and most notably weld metal
toughness, is being investigated in a new test program currently underway by the authors.

The second connection detail investigated in this test program was an all-welded connection.
It was similar to the first detail, except that the beam web, rather than being bolted, was welded
directly to the column flange. Pasl test programs have typically shown better performance from all-
Ided , a8 pared to welded flange-bolted web details. This better performance has
been attributed 1o the improved ability of the welded web connection to transfer bending moment at
the connection, thereby reducing stress on the beam flange welds. Unfortunately, both replicates of
this connection detail showed poor performance, with fractures occurring at the beam flange groove
welds early in the inclastic loading history for the specimens.

The majority of the remaining connection details tested in this program were classified as
reinforced connections. The beam flanges were reinforced with cover plates or with vertical "ribs".
An example of a connection reinforced with cover plates, designated as Specimen 8, is shown in
Figure 4. The intent of these connections is to significantly reduce the stress on the beam flange
groove welds and surrounding base metal regions, and to move the location of the beam plastic hinge
away from the face of the column. The design goal adopted for the reinforced connection was that
the region of the connection at the face of the column should remain essentially elastic under the
maximum bending moments and shear forces developed by the fully yielded and strain hardened
beams. For the various reinforcement configurations tested, the section modulus of the reinforced
cross-section was on the order of 1.6 1o 2.0 times the section modulus of the unreinforced beam
cross-section. In addition 1o reinforcing the Nlanges, different FCAW electrodes were used for some
of these specimens, and continuity plates were added for some of the specimens.

Eight of the ten reinforced connections showed excellent performance, developing very large
inclastic deformations in the beam without connection failure. The beam tip load versus deflection
response for a successful cover plated connection (Specimen 8A) is shown in Figure 5. These
connections performed as intended. The beam plastic hinge formed at the end of the reinforcement,
away from the face of the column, while the region of the connection near the face of the column
remained essentially elastic. The connections were capable of developing the full flexural strength and
ductility of the beams.

Two of the connections reinforced with cover plates showed poor performance, experiencing
brittle failures at low levels of beam ductility. One cover plated specimen failed by a sudden fracture
at the top flange/cover plate weld to the column. This fracture occurred near the weld-column
interface, and showed no visible workmanship defects. Inspection data for this specimen suggested
that some of the welding parameters (voltage, electrical stickout, etc.) were likely beyond the range
specified in the Welding Procedure Specification. Studies of this failure suggest that the improper
choice of welding parameters lead to weld metal with unusually low toughness. The replicate of this
specimen, with the same connection design and welding clectrode, but for which the Welding
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Procedure Specification was followed, showed excellent performance. The Structural Welding Code -
Steel, AWS D1.1-94 [1] requires that welding be exccuted in accordance with a written and approved
Welding Procedure Specification. These test results emphasize the importance of this requirement.
They also suggest a relationship between weld metal toughness and overall connection performance.

A second cover plated specimen failed by a sudden fracture within the column flange material
at the beam’s bottom flange connection, pulling out a portion of the column flange material. The
fracture surface suggested a possible problem with through-thickness properties of the column flange.
This test specimen indicated that even with a reinforced connection and careful welding practices,
material propertics may represent a "weak link” for this type of connection.

CONCLUSIONS

The results of these tests suggest that a large improvement in cyclic loading performance is
possible at steel moment frame joints by the use of a reinforced connection combined with careful
attention to welding. Following this approach, while perhaps not guaranteeing success 100 percent
of the time, is expected to provide a much higher level of performance and structural safety, as
compared to pre-Northridge practices. It is also clear from these tests that a large number of welding,
design, and materials related factors significantly affect connection performance. A long term research
effort will be needed to fully resolve all the issues raised by the Northridge Earthquake.

More complete details of this test program are documented in Reference 2, combined with
interim design and welding recommendations. Additional information related to steel moment
connection performance in the Northridge Earthquake can be found in References 2 1o 8.
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SESSION 4 - KEYNOTE PAPER

"RELIABILITY APPROACHES TO ANALYTICAL EVALUATION
AND FIELD TESTING"
by
Fred Moses
Department of Civil and Environmental Engineering
University of Pittsburgh

In-service performance evaluation hae received considerable
attention in recent years for highway bridges, offshore platforms,
dams and other structures. Engineering efforts include inspection,
material analysis, nonlinear behavior prediction and field testing.
For the design of new structures, reliability methods have been
introduced and codified for routine member checking. Applications
of structural reliability to the evaluation of existing structures
is less advanced due to the varied nature of evaluation
requirements. Some recent studies and applications of reliability
have occurred for offshore platforms and ctpqciull{ for highway
structures. This includes rating assessment of bridges by both
analytical methods and use of field testing. This paper emphasizes
the use of reliability in developing assessment criteria. Examples
in this paper are restricted to highway bridges.

INTRODUCTION

Structural engineers are increasingly faced with the task of
evaluating the safety of existing structures. The focus of
applications in this paper will be on highway bridges but the
techniques illustrated are applicable to other structural systems
such as offshore platforms, dams, pipeline networks, aircraft, etc.

The actions that may trigger an evaluation of an existing structure
include the following:

a) Structure deterioration and damage which may reduce the
resistance to design loads. Examples include material corrosion,
fatigue cracking, foundation settlements, etc.

b) Increases in the specified structure design loads for that type
of system. This may occur as in bridges with increases in more
volume and higher legal truck loads or public demand for higher
safety as in seismic resistance. Another example is improvements in
analytical performance predictions which raise the design loads
such as in offshore structures due to better models for wind, wave
and current analysis.

c) Accidental events such as fire or collisions,

d) Legal requirements such as Federal requlations which mandate
biannual bridge evaluations for highway structures. Such mandates
often follow well-publicized failures in bridges, dams, seismic
events or airline crashes. These periodic reassessments may affect
the continued economic viability of these structures or in some
instances lead to increased public investments to ameliorate the
public's perceived view of the safety threat. [A propcr].z organized
reliability assessment basis would consider relative public



exposures on a more rational basis.)

Structure evaluations require sophisticated analysis and
experimental validation to predict structure safety. This is
because of greater uncertainties in predicting the structure
strength due to in-situ material and structural properties,
boundary conditions, member dimensions, connections and foundation
condition for a structure that is in service for many years and has
suffered damage, deterioration and environmental degradations.

At the same time, the structure evaluator has some advantages in
assessment in comparison to new design application. The structure
has undergone years of service which may establish a level of
confidence in the material properties, construction tolerances and
gravity load estimates and load distribution. Further, there an
opportunity to make observations and in-situ measurements which
would calibrate the analytical performance predictions. Also, the
structure has a shorter remaining life than a new design which
reduces the probability distribution of extreme events occurring.
Finally, a field inspection is possible which could uncover member
properties, as-built materials and dimensions, presence of
distortions and damage, etc.

EVALUATION APPLICATIONS

:‘ho output of an evaluation for an existing structure takes several
orms:

1) Allow a structure to be maintained in present operating mode.
2) Reduce operational level as when a bridge is load posted for
less than legal loads or the water level in a reservoir is reduced
to lower pressures on a dam.

3) Recommend rehabilitation to alleviate distress or to restore or
increase structure capacity.

4) Recommend further inspection or structure monitoring and testing
to validate performance predictions.

5) Estimate remaining service life and plan for replacement.

6) Recommend immediate shut-down and reduce exposure to human life
and property.

This paper reviews assessment techniques that have been recently
developed and in most cases implemented in evaluation for existing
highway structures. The underlying basis for the recommended
methods are structure reliability procedures. The actual
implementation may be transparent to the reliability analysis in
the same way as done in recent LRFD design codes. Examples include:

A) AASHTO Guide Specification for the Strength Evaluation of
Existing Steel and Concrete Bridges'®

B) AASHTO Guide Specification for Safe Life Assessment of Steel
Bridges'®

C)NCHRP Manual for Bridge Rating through Load Testing'”

The main theme in this paper is the use of reliability criteria as
a unifying basis for dccg:.lom regarding rformance evaluation,
rehabilitation needs and operational decisions as well as the
provisions for additional evaluation information.
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RELIABILITY ANALYSIS

This section briefly reviews reliability methods which have been
widely adopted in structural engineering for various specification
developments as well as specific project decision tools. ically,
we define random variables, X, which affect load or capacity such
as gravity loads, external environmental loads, load analysis
uncertainty, geometrical properties, material strengths, etc. Each
of the variables is described by a distribution function often with
two parameters such as the mean and coefficient of variation(COV).
Typically, a failure function, g, is defined such that g > 0 means
safe and g < 0 means failure occurs, where g is a function of the
realization of the random variables, X. In most reliability
applications, the failure function g is taken on a component basis,
for example, a beam-column, connection or pile. In more recent
applications the failure modelling is on a total system performance
basis'‘'. The risk is defined as the probability that g is less than
zero. In developing specifications, a measure of reliability is
usually introduced known as the safety index, p. For example, in
its most simple form the failure function can be written as the
margin between the capacity or resistance, R, and the demand or
loading, 5. Thus:

g=n~8 (1)
The safety index is expressed as the number of standard deviations

that the mean of the function g falls from the failure limit. Thus,
for this illustration:

. R - § g
- = 2
— e

where o is the standard deviation. If the random variables, R, and
S, are normally distributed then f} gives an exact expression of the
risk when using normal probability tables. If R and S or the other
random variables which may form part of the failure function g are
not normal then the safety index expression may only be
approximately mapped to an actuarial risk value. Recent reliability
methods using more accurate advanced procedures or simulation have
shown that does give accurate risk representation and a good
basis for risk-based decisions. Typically the f's are in the range
of 2-4 which correspond to risks of 10 to 10™*. With such safety
index models, code specification committees throughout the world
have introduced via code calibration, Load and Resistance Factor
Design (LRFD) type component specifications of the form:

¢R, = 7,0 + 1.L (3)

where ¢ is the resistance factor applied to the nominal
resistance(R,) and y, and y, are the respective load factors applied
to the nominal dead and live loadings. Other load terms may also be
added such as temperature, vehicle loads, wind, seismic,etc. The
code calibration process used by AISC, AASHTO, API and other code
groups selected the load and resistance factors to achieve uniform
target reliabilities for components. These factors depend on the
specified nominal values as well as their respective uncertainties.




This approach is emphasized herein since the uncertainties at the
design stage for new structures may be different than in evaluation
for reasons cited above.

ANALYTICAL EVALUATIONS

There are significant differences between the data base and target
reliability levels in design and evaluation. For example, Figure 1
compares several distribution cases that may occur. Figure la shows
the distributions in a design situation. The safety index depends
on the high load events occurring combined with the low
resistances. Typically, over time there will be changes in the base
line distributions that were estimated at the design stage. For
example, as illustrated in Figure 1b, the load distribution shifts
to the higher values based on higher demands due to greater dead
load as well as higher legal loads in bridges. Similarly, the
resistance distribution shifts to the lower values. These shifts
decrease the safety index over time.

Figure lc illustrates the influence of a load test during which
there is monitoring of response and a validation of the load
prediction model. There is lower load effect uncertainty which
increases P without change in the overall mean safety margin.
Figure 1d illustrates the load and resistance distributions which
may result from a proof-load test. The resistance distribution is
truncated since there is a basis for knowing the lower level of
strength based on the test. Similarly, if there is load response
measurements as well is in-situ measurements of material properties
and component dimensions, the load and resistance distributions may
appear as in Figure le. The infl of damage, material
deterioration, collision, fire, etc., raises uncertainties and
reduces expected safety margins as illustrated in Figure 1f.

Thus, at the evaluation stage there may be different uncertainties
and safety margins than existed at the design stage. There is
opportunity to integrate (for example, in a Bayesian manner) some
of the earlier performance history. Further, there is construction
and inspection data which may change uncertainties that existed at
the design stage. There is detailed inspection, in-situ material
property and dimensional measurements as well as full scale field
testing to reduce uncertainties and affect the safety index.

Economic influences also play a role when comparing design and
evaluation. The costs of increasing the reliability at the design
stage is relatively inexpensive for most structures. On the other
hand, increasing the strength of existing structures, especially
where damaged, may be very costly. These influences have been
historically recognized in highway bridge assessments in which
design is at the inventory level but assessment is at the much
lower operating levels. For example, many agencies design steel
bridges to only 55% of yield while assessing ratings during
evaluation at 75% of yield. This considerable difference is to a
large extent justified by the marginal costs but also based on
other differences cited above.

In order to provide consistent ratings, an NCHRP study by the
author and colleagues was undertaken which led to an LRFD-type
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format for rating(evaluating) existing bridges'®’. The applications
includes the rating factors which are the basis for decisions on
load posting, allowable permit levels, rehabilitation needs and
eventually bridge closure. The rating format used is the same as
given in eq.3 except that the load and resistance factors are site
specific based on the information available to the evaluator.
Further, if a low rating produces undesirable consequences the
evaluator is encouraged to expand the data which may lead to more
acceptable ratings. Examples of these adjustments are as follows:

Dead - The dead load factor in design is 1.3 in load
factor design procedures. In evaluation, provided an in-situ
investigation is made of the overlay thickness, the factor is 1.2.
Nominal dead loads should be based on as-built information.

Live load factor- Of major concern is the live load factor to
account for vehicle loadings on bridges. The statistics needed to
predict maximum vehicle loading effects depends on truck weight
distributions, truck volume, spacings between vehicles along with
lane occupancy and uncertainties in structural models which predict
member load effects from vehicle loadings. The AASHTO load factor
design uses a load factor of 2.17. This value is shown in LRFD
studies to attain target reliabilities of about 3.5. In the
evaluation Guidelines''’, the live load factor depends on: a) truck
volume- defined as under 1000 trucks per du{ + b) over 1000
trucks per day, and truck weight composition, defined as a)
significant control of overloads, and b) significant sources of
overloads without effective enforcement. These respective
categories provide four possible live load factor values between
1.3 and 1.8. These factors were obtained by simulation of different
truck weight spectra and volumes and the prediction of maximum load
magnitudes for a two year time interval corresponding to typical
inspection/evaluation cycles. These same load simulation studies
were used in the new AASHTO LRFD specifications. Unlike the design
model which uses the same load factor for a major roadway with high
volume as for a secondary roadway, the evaluation specification
adjusts the live load factor based on traffic data readily
available or obtainable (by say, weigh-in-motion studies) for the
specific site being evaluated.

Impact - The code uses an impact factor which reaches a
maximum value of 1.3. The evaluation Guideline uses a site specific
dynamic impact allowance which depends on pavement roughness
condition and may vary from 1.1 to 1.3. This approach allows the
engineer to recommend resurfacing to reduce dynamic allowance which
directly raises the rating.

is- Typically, a designer may use alternative
analysis procedures ranging from an approximate formula for lateral
load distribution to a finite element analysis. The load factor
would remain the same. In the Guide Specification for evaluation'!
there is a range of adjustments to the live load factor depending
on the accuracy of analysis such as simple formula, finite element,
or even field measurements. This approach reflects the respective
uncertainties and was calibrated with safety index models.

Target reliability Index - For design, the target reliability for



components is taken to be 3.5. The reason is that the marginal cost
to change design strength is relatively small. For example, the
cost to increase bridge design loads by 50% would be only 3-5% in
most steel or concrete spans. In evaluation, the cost associated
with low ratings or with recommended strengthening procedures to
restore capacity could be relatively large. In the Guide
Specification, the target reliability for redundant designs(more
than two load paths) is taken as 2.3, while for nonredundant cases,
the target in evaluation is maintained at the design value of 3.5.

Resistance factors - Base case values for resistance factors are
given for nondeteriorated redundant components, namely 0.95 for
steel members, 0.95 for prestressed members and 0.90 for reinforced
concrete. These were based on code calibration to the target
reliability values cited. Nonredundant steel members have their
resistance factor reduced to 0.80 to bring it inm line with the
higher target index cited.

=~ Where the inspection indicates
deterioration, the resistance or capacity reduction factor is
reduced further. This reflects greater uncertainty in assessing in-
situ strength and the greater likelihood there will be further
deterioration prior to the next biannual inspection/evaluation
cycle. For example, the Guide reduces ¢ by 0.1 for some
deterioration and by 0.2 for significant deterioration. To assist
the evaluator, this reduction is related to the conventional FHWA
condition survey for the superstructure.

- When maintenance is vigorous and likely
to correct deficiencies, the resistance factor ¢ may be increased
by 0.05.

Influence of Inspection- Where section losses have been carefully
estimated for the member being evaluated, the resistance factor may
be increased by 0.05. Similarly, where material yield stress is
estimated by physical testing the mean test data should be reduced
by only 10% instead of the using the smaller nominal yield level.

As shown, this assessment approach encourages the evaluating
engineer to obtain more information such as overlay thickness, deck
roughness condition, more rigorous analysis tools, site specific
traffic data, improved inspection, better maintenance programs,
etc. This information sensitive evaluation is tied together in
selecting the appropriate load and resistance factors for a
reliability rating of the specific structure.

REMAINING LIFE ASSESSMENT

Bridge fatigue and distress due to cracking are phenomena that
began to appear some years ago. In particular, welded structures
create stress concentrations which may be especially severe for
certain types of details, materials and loading conditions. The
writer and his colleagues have shown how uncertainties in loading,
bridge behavior and material characteristics could create a model
for estimating the reliability associated with remaining fatigue
lives. This research, sponsored by NCHRP, has led to two AASHTO
Guide Specifications including one concerned with the evaluation of
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the safe remaining fatigue life of a structure'®.

This AASHTO Guide has been used extensively in the U.S. in
conjunction with rating of capacity and decisions regarding
strategies for repair, rehabilitation and replacement of steel
bridge span structures. The Guide allows either computed stress
ranges or measured stress ranges to be used. The latter are
especially more accurate when there has been initiation of cracks
adjacent to welded details. Often it is observed that substituting
the measured stress spectra in the remaining life calculations
leads to less severe decisions than using computed values.

Further, the AASHTO Guide allows the input of historical truck
traffic information for the specific site being studied into the
remaining life estimates. Different factors were also derived based
on reliability analysis depending on the source of the data. The
specification contains two levels of target reliability. A safety
index of 2.0 is used for spans which are redundant, while a higher
index of 3.0 was specified for nonredundant structures. These
differences are consistent with current design rules which warrant
higher reliabilities for nonredundant elements due to possible
member failure consequences.

As part of the overall evaluation it is recommended that existing
bridges which do not satisfy the target safety criteria should be
subjected to more detailed and frequent inspections at locations
indicated by the analysis. An alternative control on safety is to
modify the details as recommended by Dr. Fisher and others or else
to limit the weights of trucks that may use the span.

STRUCTURAL TESTING

Field testing has been increasingly used for verification of bridge
capacity for rating. The results of bridge load tests generally
show that structures have greater load-carrying capacity than
predicted by calculations. Aside from the conservative approach
used in design, the actual response of the structure under live
loads may be different due to distribution of loads, the
interaction of structural (and to a lesser degree, non-structural)
components, and the impact of deterioration and repairs.

Numerous organizations including the Ministry of Ontario, FHWA, and
DOTs in Florida, Maryland, Alabama, Pennsylvania, Ohio and
elsewhere have utilized bridge testing to avoid costly posting or
replacement of older structures. Different types of bridge tests
have included a)Proof-loading to verify strength capacity,
b)testing of structure response under prescribed loads to calibrate
and assess behavior predictions and, c) Strain measurements under
traffic to predict fatigue life performance.

The potential reduction in the number of structurally deficient
bridges through the use of load testing was recognized with the
NCHRP Project "Nondestructive Load Testing for Bridge Evaluation
and Rating"!"”’, The research carried out by this writer and
colleagues from industry developed a NCHRP "Manual for Bridge
Rating Through Load Testing". This manual identifies two types of
generic tests including diagnostic and proof-loading. The
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diagnostic tests verify bridge behavior models under live loading
and are needed when there are uncertainties regarding member
su{po:t conditions, influence of deterioration, damage and repairs,
stiffness properties and participation of secondary members which
make it difficult to develop a satisfactory analytical model. For
example, steel trusses, concrete T-beams and multi-stringer steel
girders. Tests can be use to determine the accurate distribution of
loads and stresses within the structure. Such diagnostic tests
reduce the analysis uncertainty and allow a more accurate rating.
The Manual also discusses methods for applying loads and suitable
equipment for making measurements‘.

In a diagnostic test, the load is placed at designated locations on
the bridge and the effects of this load on individual bridge
members are measured and results compared to effects computed based
on structural analysis principles and practices. The basic formula
for the theoretical rating of a bridge member, RF, as expressed in
AASHTO manuals is as follows:

c - AD
RPw ———— (4)
AL, ( 1+ 1)

where C denotes capacity, based on as-built drawings supplemented
by inspection and material tests. D is dead load effect supported
by on-site estimates, L, is nominal live load model and I is the
dynamic allowance. A, and A, are factors on dead and live load which
depend on level of rating (inventory or operating) and criteria
(working atress, load factor or load and resistance factor). These
tactgrs are adjusted to reflect the results of the diagnostic
testing.

The second area of testing is proof-loading. Proof-loads generally
require higher magnitudes of test loads than needed for diagnnntlc
testing and the physical capacity of the structure is verified by
the highest load level reached. Proof-tests are needed when the
elements of the structure are not known to the rater or when there
are serious uncertainties about the material properties and other
strength related variables of the structural system. Examples
suitable for proof-loading include slab bridges with unknown
reinforcement details, or other structures with "hidden" details
making it difficult to model strength capacity. In such instances,
load is applied in increments to the structure until a maximum
static condition is reached.

Proof-testing is an alternative to analytically computing the load
rating of a bridge. A proof test "proves" the ability of the bridge
to carry its present full dead load plus some factored live load.
The rated load should be magnified to provide a margin of safety in
the event of an occasional overload during normal operation. The
calibration of the proof-load live load factors was done with a
reliability model. The uncertainties in dead load, analysis and
capacity reflect a situation where the bridge safely carried the
factored proof-loading.

The format in the Testing Manual begins with a live proof-load
factor, X,, which is needed to reach an operating rating level of
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1.0. The recommended factor is 1.4 which provides the same safety
index as the AASHTO Guide Specification'*’, namely 2.5. The latter
is based on a 1.3 factor on dead load and live load plus impact.

Several adjustments can be made in the proof-load factor . to
reflect specific influences that exist in the evaluation of the
site. For example, the factor is increased by 15% in the case of
a one lane bridge since loading statistics show greater magnitudes
of overload in one lane than the corresponding probability of two
lanes being simultaneously overloaded.

For spans with fracture critical details, the live load factor is
increased by 10% to raise the target reliability and similarly for
bridges with single load paths(nonredundant). The factor is
increased by a further 10% if bridges are not inspected on two year
cycles or are likely to be more poorly maintained. This margin is
added to reflect possible further deterioration before the next
cycle of inspection and evaluation. If the bridge can be rated by
conventional analysis and the proof load validates the modelling
then the proof factor can be reduced by 5%. Further, if there are
visible signs of distress prior to reaching the target proof-load
the test must be stopped. The rating calculation is based on the
load reached which is further reduced by 12% to reflect the typical
bias between mean material properties and nominal values.

Additional factors including site appropriate traffic intensity,
bridge condition and deck roughness category may alsc be
incorporated in the proof-load assessment based on methods
discussed above for analytical evaluations.

- EXAMPLE - This test was performed to establish the
rating capacity of a concrete slab bridge. There are numerous such
bridges in the U.S. which cannot be analytically rated due to the
absence of detailed reinforcing steel information, skewness,
unknown contributions of parapet walls and concrete deterioration.
For example, Ohio alone has 8000 such bridges in service.

The criteria cited above were utilized to establish the live load
factor for proof-testing. The goal was an operating level rating,
so the base case value of X, of 1.4 was selected. Loads were placed
in both lanes simultaneously; there are no fracture critical
details, slab deterioration was present, and inspection and
evaluation would be repeated within two years, and plans were
unavailable. X, was increased by 5%. The net adjustment is:

Target proof-load factor, X, = 1.4 x 1.05 = 1.47 (5)
The target load including the 1.3 dynamic allowance is:
Test Load = 1.47 x rating load x (1 + 0.30) (6)

The rating load is HS 20 , and the magnitude of the test load in
each lane of traffic is 61.2 kips to represent the HS20 32kip
tandem load. The maximum proof load attained was 63 kips with no
apparent signs of distress. (Load is done in increments either by
adding load to test vehicles or by staggering the locations of the
groups of test vehicles in each lane).
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Based on the test, the operating rating load(OPR) is:

1.0 x 63/ 1.47
OPR = = 1.03 or an HS21 or 37.1 tons (7)

32( 1+ 0.3)

CONCLUSIONS

Developments in structural reliability and their acceptance as a
basis for calibrating safety factors in design codes have opened up
a new avenue for evaluating existing structures. Reliability
methods have led to several Guide Specifications for rating
existing bridges. A major advance is that the load and resistance
factors are selected according to site information and the
condition of the structure being evaluated. Site specific data can
be used to adjust loadings, analysis models and capacity
assessments. Uniform reliability targets can be attained in
analytical evaluations. Further, methods of field testing have been
introduced for the evaluation operations. Such tests can be
routinely done, either for diagnostic validation of behavior
calculations or to determine a lower bound to the true bridge
capacity by proof-testing. These test methods have been instituted
by several agencies on a routine basis and a Manual for conducting
rating by testing is available. A major innovation is that such
test procedures are also calibrated to safety index models so that
the information gained from a test is efficiently used. The
evaluator can clearly assess the benefits of reducing uncertainty
in achieving higher ratings compared to situations without testing.

The major aim of this paper was to show the benefits in evaluation
by the addition of site specific information that can be
consistently incorporated in rating with reliability procedures.
The actual implementation in practice makes the reliability
analysis transparent to the user and operates in the same way as
new LRFD-based specifications which accomplish the same purpose.
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6.Moses,F.,Schilling,C.andRaju,K.S., "Fatigue Evaluation Procedures
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ABSTRACT

Railroads are an important part of the naton's infrastructure Thermally-induced lateral track
buckling of rails remains one of the most emgmatc probl in the railroad industry  This 1s
particularly relevant for continuously-welded rail which 1s now used for all new rails all over the
world Currently, there 15 no convenient method to determine the in situ axial load in the rail nor
1s lateral suffness which prevents the instability. An effective method 1s needed to determine the
in situ charactenstics and status of the track, such that unnecessary slowdowns can be avoided
or so that preventative measures can be undertaken when necessary

This paper considers the use of low-frequency wibrations of flexural motion having long
wavelengths to determine the axial compressive load in rails and the lateral stiffness at the ties
The flexural vibrations in bending are dispersive in nature, with different wavelengths travelling
at different velocities The frequency of vibration depends on the bending stiffness, the lateral
stiffness per unit length of the foundation, the axial compression and on the mass per unit length
of the rail as well as the wavelength

A 16' long S4x7 7 beam supported by lateral mechanical springs with two different stiffness
located at every 2' was submitted to a measured vanable compression load in the laboratory. This
beam was impacted laterally with a hammer at vanious points along its length and the horizontal
acceleration at a point was measured The resonant frequencies of vibration were determined from
the frequency response functions

Contour plots of the measured values of these frequencies as a function of the stiffness and axial
compression intersect at the corresponding values of stiffness and axial compression acting on
the raul In particular the intersection of the lowest frequency, with a wavelength of 32, and that
associated with a wavelength equal to twice the spacing of the lateral stffeners, 1 e, 4, yields
the estimates to the stiffness and axial compression Additional resonant peaks in the frequency
response functions can also be used to determine these two parameters
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INTRODUCTION

Thermally-induced buckling failures of tracks are usually horizontally but can also be vertical on
occasion. They often occur on hot days, usually in the early afternoon, with no train on the track,
but can also occur when a train is ascending or descending or braking, all of which add to the
axial compression in the track Ironically this buckling i1s more susceptible o occur after a
segment of track has been maintained, before traffic has seeded the ties into the ballast Since the
rails are linked together by ties, both rails buckle together along with the nes as one unmit. The
phenomenon still defies detection, since current warning systems which signal track failure rely
on a small electrical signal which s not broken due to track buckling

In 1977 alone there were 109 train derailments attnibuted to buckling of the track [I]. The
expense in preheating rails during track laying and the monetary costs associated with slowdown
orders for trains on tracks which are thought to be in danger of buckling all add up to important
economic considerations The use of strain gages 1s not practical for determining the axial stress
due to the ime and costs involved and since they need a point of reference, 1 e zero strain Also,
the axial strain along the rail 1s zero in plane strain situation and measurements would need to
be based on the perpendicular strain due 1o Poisson's effect

Much of the theoretical research on track buckling has dealt either with the analyncal
considerations of the post-buckling behavior [2], or with the experimental measurement of
vibrations at high frequencies [3] There has been very little experimental research on the elastic
pre-buckling behavior of tracks and the measurements of vibrations at low frequencies which are
sensitive to the axial load and lateral stiffness

The most reliable method for obtaining these two critical parameters is based on statc force-
deflection relationships [4] First, the spikes which attach the track to the ties over a rail segment
are dismantled over the length of a railroad car This is followed by the application of a static
load applied vertically by a hydraulic jack located at the center of the car A beam-column
subjected to axial compression deflects more for a lateral load applied at the middle than a beam
with no axial compression. The estimated buckling load 1s typically on the order of 200 metnic
tons. The procedure outlined can be as far off as 6 metric tons (12.5 kips).

For lateral stiffness, a hydraulic jack buttressed on one of the rails applies a honzontal force to
atie which has been unfastened from the rail Graphs of the force versus horizontal displacement
for different types of ballast are experimentally obtained, from which both the strength and
stiffness of that particular tie can be determined Using a number of ties, an average value for
the track stiffness and strength can be computed

There currently are no available techniques which can simultaneously assess both the lateral

stiffness and the axial load in the rail Considerable ume, effort, and expense are required to
unfasten the rail from the tie and perform the stauc operations described above for both the te
and the rail Furthermore, these static tests must be repeated many times for a true representation
of the track A more efficient sch is therefi ded 1f thermo-buckling of continuously-
welded track is to be avoided
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At low frequencies of vibration, the relatonship between the frequencies of the flexural motion
are highly dispersive, 1 ¢, the velocity depends on the wavelength Recent field investigation of
vertical impact of actual tracks have demonstrated that the resonant frequencies can be
determined from frequency response functions [5] The long wavelengths traveling at relatively
slow velocities and vibrating in the low-frequency range are sensitive to both the axial load and
the lateral suffness

This paper presents results of laboratory expenments which demonstrate the practicality of using
measured resonant frequencies of flexural motion 1n determination of the axial load in beams and
the lateral suffness The theory of the flexural vibrations of an infinite Euler beam submitted to
an axial load and resting on a Winkler foundation 1s first presented The boundary conditions at
the end of the beam and at the intermediate supports provide equations which lead to a matnx
which 1s singular at the resonant Gequencies.

The resonant frequencies can then be plotted on three-dimension plots versus the axial
compression and the lateral stiffness at the supports From these curves, contours corresponding
1o the measured resonant frequencies are drawn as a function of the suffness and compression
For a number of measured frequencies, these contours should intersect at appropniate values of
the lateral stiffness and axial compression. Measurements of the mode shapes are not used except
to determine what mode shape a particular resonant frequency corresponds 1o

FLEXURAL VIBRATIONS OF SINUSOIDAL MODE SHAPES OF AXIALLY LOADED
EULER BEAM ON WINKLER FOUNDATION

The equations of the forces perpendicular to the original axis of a beam when the rotational
inertia 1s neglected is (See Figure 1)

_OM . dw
v-.a;wp.a; 1)

where V represents vertical force perpendicular to the original axis of the member and not the
shear The bending moment sansfies the equation

uzsr-g%; (2)

Newton's equation for vercal motion gives the equation

Fw__dv
“’F“E'm (3)
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Figure. | Beam Element Under Axial Compression on a Winkler Foundation

The partial differential equation for elastic flexural wave vibrations of the lateral motion, w, in
doubly-symmetnc Euler beam is

mﬂ#ﬁ'}_’ a‘wfp Fw

30 R +Kw=0 (4)

The rail material is characterized by the modulus of elasticity, E. I is the moment of inertia of
the cross-section about the vertical axis for horizontal motion. m is the mass per unit length, K
18 the Winkler foundation stiffness per unit length of rail, and P 1s the axial compression n the
rail. For sinusoidal mode shapes in space and time

w=iW sin—zkix sinewt (5)

There results the following relation between the frequency, ©, and the wavelength, A,

2. BI{2=x\'_P[2=V K
@ ?(T) _(T) X (6)
The elastic stability load of the track is given by

(M
Peprrrear=2vKET

The rail will buckle at a much lower load because of the post-buckling behavior and the fact that
the stiffness does not remain elastic[2]. The thermally induced axial load in plane strain situation
is

AP=EAcAT (8)
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in which A is the cross-sectional area, E 1s Young's modulus of elasticity, « is the coefficient of
thermal expansion and ATis the increase in temperature, and AP 15 the increase in axial
compression

For beams with a finite length, the mode shapes of vibration must satsfy boundary conditions
at the ends of the beam The long wavelengths, associated with small wavenumbers, vibrate at
low frequencies For a member of length L. with sinusoidal mode shapes there results

2 7/ 2n\
wj= "(T) FOR CABLE
By iy
)
wle —..51(2") FOR BEAM

(9)
wi= “( ) p(z") FOR COLUMN

wl= i‘(“)‘-f(z") +X por RarL
m m

in which the tension in the cable is the negative of compression, T=-P, and the formula for the
beam assumes no axial load The wavelengths are given are related to the distance between the
two ends a distance L apart by the equanon

A= 2L POR §1,2,3,...% (10)

The frequencies for a cable in tension (EI=K=0, P=-§) are multiples of each other, 1 ¢. they are
harmonics, whereas those for a simply supported beam(K=P~=0) have ratios of 1, 4, 9, 16, etc
Axial compression decreases the frequencies for a column (K=0), whereas tension, P=-T increases
the frequencies For the rail, the mode shapes with large wavelengths have a frequency equal 10
w=VK/m, whereas those with short wavelengths are independent of K, i e, the square of the
frequency decreasing linearly with the axial compression, P

For the Timoshenko equations with no foundation suffness, K=0, there results the following
partial differential equation for the flexural bending vibrations of a beam including the effect of
rotatory inertia and shear deformation [6]

Fw Fw,  Pw
——+EI—+P
& act ax* ax? (11)

-L"'[;.i} dv_, Int ¥w_,
A k'glox?*dc? k'A%c act

in which the sear factor, k', 1s
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I

o I |
Af (0/¢)%da (12)
&

which for a rectangular section 1s k'= 833 G 1s the shear modulus of ngidity

g-E/2 13)
14y

for v the Poisson ratio of the rail material Assuming sinusoidal mode shapes yields the following
quadratic equation for the square of the resonant frequency o’

- 14 2
’A’G m[-l rﬁ k’GH“ (14)

o[

The lower of the two roots yields a correction factor for smusoidal wavelengths [8)

EI _2;_:]‘ plzx
—J———i— FOR j=1,2. 1s)

k’cl

in which r is the radius of gyration

r-E (16)

Although Euler theory 1s adequate for the long wavelengths, 1t 1s not for the shorter wavelengths
and this correction should be incorporated

AXIALLY LOADED BEAM WITH DISCRETE SUPPORTS

The previous equabions dealt with a beam on a Winkler foundation Rals, however, are
longitudinally, vertically and laterally stffened at discrete points, 1e, the nes The flexural
vibrations for the wavelengths with shorter mode shapes do not sausfy the previous equations
since there 1s no Winkler stiffness between the lateral supports at the tes The sinusoidal
wavelengths of the eight mode shapes for a 16" S4x7 7 cross-section which was tested in the
laboratory are; 32', 16", 1067, 8, 64", 533, 457 and 4' respectively are shown in Figure 2
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For a given resonant frequency, @, o satsfies the quadratic equation

EI«‘-[P-m’[l*—i(l* ;1]-101"’" =0 (21)

k'ac

The two equation at each end of the beam and the four equations at the n-1 intermediate supports
can be formulated as 4n equations to solve for the 4n constants of miegration, 4 w each beam
segment. Furthermore, these equations may be written in a charactenstic matrix form

AC=0 (22)

EXPERIMENTS

A 16" long S4x77 beam laterally supported about its weak axis every 2' was loaded in
compression up to 20 kips[7] For a beam with 8 segments, A of Eqn 22 is a 32x32 matnx and
C 15 a vector of the 32 constants, 4 per beam segment. Since this 1s a homogeneous equation, the
solution 1s when the determinant of the 32x32 square matrix 1s zero, which gives the resonamt
frequencies of vibration. The C vector 1s the corresponding eigenvector of the moton. For
different combimations of EI, m, P, and k, three dimensional plots of the square of the eight
natural frequencies versus the lateral stiffness at the support, k, and the axial compression, P, are
given in Figure 4 for wavelengths from twice the distance between the two ends (Mode #1) up
to twice the spacing between the supports (Mode #8)

Contour plots of the measured frequencies associated with mode shapes 1.4.5.7, and 8 are given
in Figure § for two different lateral stiffnesses at loads of 5 and 25 kips in compression for lateral
stiffness of 2 7 and 5 4 kips/inch Modes 3 and 6 had a node near the accelerometer location and
were not considered in the data Similarly, Mode shapes | and 2 nearly had the same resonant
frequency and were not distinguishable from the data

The three dimensional plots for the frequencies are adjusted to account for the Timoshenko
modification to the higher modes The end at which the load was applied was relatvely flexible
since it did not have lateral restraint A numenical study of lateral stiffness at this end showed
that the high frequencies were very sensitive 1o this lateral stiffness.  An estimate to the stiffness
was obtained which would account for the high frequency data and incorporated into the three-
dimensional plots of the frequencies. Further details are given elsewhere [7]

The contours of the first and the eight mode shapes intersect in the area near the actual values
of stiffness and axial compression in all four plots shown in Figure 5 Similar plots at loads of
5, 10, 15, and 20 kips also gave estimates to the parameters The estimated values of the axial
load from the intersection of the first and eight mode shapes i1s shown versus the applied load in
Figure 6, at both 27 and 54 kips/inch lateral stiffness The measured resonant frequencies are
plotted as a function of the applied load in Figure 7 They match very closely the theoretical
values taking account of the Timoshenko beam effect for the high frequencies and the flexibility
of the end with the hydraulic actuator
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CONCLUSION

The measurement of resonant frequencies of vibration can be used in deterrmiming the axial load
in a member and its lateral stuffness at equally-spaced points along the beam This procedure
provides a tool to assess the in situ lateral stiffness of tracks and the axial load in the rmls. With
this information the susceptibility to thermally-induced buckling can be better assessed Good
resolution of the resonant frequencies 18 required to obtan accurate estimates to the axial load
and lateral stiffness. Mode shapes are needed to associate the resonant frequencies with the
appropriate mode shapes of vibration but need not be used in determining the parameters. Finally,

which g a broad frequency is appropnate to excite the frequencies of
interest, This_ malhod 1 easier to implement in the field than shakers providing a sinusoidal
excitation and requires much less time and data analysis
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ABSTRACT

This paper focuses on assessing the mean resistance capacity of an offshore platform in the
context of structural assessment practices. The paper presents an overview of structural
assessment procedures used in the offshore industry 1o evaluate fitness for purpose of
offshore platforms. An important component of this procedure is the *pushover analysis’
method used to estimate offshore platform mean ultimate strength. The pushover analysis
methodology uses explicit modeling of the ultimate strength of platform structural
components (bracing members, wbular joints, etc.) in a non-linear, large-displacement,
static, finite element analysis to define a global platform collapse load. Results are
presented from pushover analyses performed by engineering contractors of an Amoco
offshore platform standing in 84 m (275 ft) of water in the central North Sea. These
results show significant variability in the predicted ultimate strength as well as surprisingly
high predictions of platform collapse load. Results are presented from Amoco in-house
analyses of the same platform done in an effort to understand both the high variability in
predicted platform ultimate strength and the predicted high reserve strength levels.

Introduction and Background

Ultimate strength analysis is becoming more common, if not routine, in fitness-for-purpose
assessment to establish whether existing offshore structures can safely meet their original
or modified requirements. Before discussing ultimate strength analysis specifically, it is
useful to understand philosophically the function of a
fitness for purpose assessment. Figure | illustrates a Ssiiiancs
probability density function (PDF) representative of an E

original structural design. Shown on the plot are the
PDFs for both load and resistance, with structural el
failure representing the probability that the load is

greater than the resistance., i

Figure 2 illustrates what might happen to the load-
resistance PDF over the lifetime of a structure.
Damage to the structure or deterioration such as P T——
corrosion and fatigue can reduce the strength of the
structure, shifting the resistance PDF 10 the left. It is
also possible for the loading on a structure to increase

Figure 1
PDF for New Design
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Figure 2 Figure 3
Increased Fallure Probability Restoration of Acceptable
Failure Probability

beyond its design load, shifting the load PDF to the right. This increase might occur when
design criteria of 10 or 20 years ago is shown to be unconservative or when additional
equipment or appurtenances are added to a structure. The result of decreased resistance
and increased load is an increased probability of failure, as shown in Figure 2. It is this
increase (or perceived increase) in risk of structural failure which identifies the need for a
fitness for purpose structural assessment. Structural assessment and remedial repair, if
necessary, are performed to restore an acceptable failure probability, as shown in Figure 3.

Structural assessment specifically addresses the nisk of structural failure, with risk defined

as the product of the probability of failure and its consequence. Consequences are often
defined in terms of an economic loss. Risk can be controlled in two primary ways:

Control consequences: If the probability of failure is high, steps can be taken to
reduce the potential for loss of life or property or damage to the environment. In the
offshore industry, this might entail removing the operating crew from a platform and
operating the platform remotely from shore with occasional visits by personnel.
Reduced environmental consequences can be achieved by installing automatic
shutdown valves on wells and pipelines to ensure minimal damage to the environment
in case of an incident,

. Use assessment engineering technology to better define the probability of failure and

justify that the risk is acceptable. Any or all of the four following means may achieve
this goal:

* Justify increased mean value of structural strength (shift the resistance PDF to
the right): This can be achieved by removing conservatism which might be
inherent in a ‘first pass’ estimate of structural strength. If the original
structural strength estimate was based on a lincar structural analysis, a non-
linear analysis including material non-linearity and force redistribution may
achieve the desired goal. A large portion of this paper focuses on defining the
mean value for structural strength using ultimate strength analysis procedures.




& Justify a reduced coefficient of variation (COV) for structural strength (in the
resistance PDF, reduce the spread about the mean): Design code equations for
the strength of structural components such as bracing members and tubular
joints are formulated to cover a wide variety of component geometry and can
include some conservatism.  Screening component test data for results most
representative of the geometry present in the actual structure may justify
reduced variation in component strength andor increased mean component
strength,  Reduced COVs for component structural strength can also be
justified by performing detailed structural inspection,

* Justify a decreased mean value for loads (shift load PDF to the left): Decreased
loads can be achieved by removing equipment and load generating
appurtenances as they become redundant or obsolete. Conservative estimates
of the loads on a structure are often used in the design process. A detailed
study of the actual in-service loads may justify reducing the estimate of loads
on the structure. In the offshore industry, a site specific study of the
meteorological, oceanographic, or seismic conditions can sometimes identify

conservatism in the original design criteria.

* Justify a decreased COV value for Joads (reduce the spread about the mean of
the load PDF): This may involve studying the approach to defining loads and
developing a better understanding of the loads that act on a particular structure
or structural component.

It should be observed that the above four means are not independent of each other.
Typically the mean values and coefficients of variation must be determined together along
with the distribution types (e.g., normal, lognormal, etc.), which can have a significant
effect on the results of the analysis,

An increase in resistance and/or decrease in load may be justified by demonstrating that
structures have survived extreme loading levels. In the offshore industry, powerful
harricanes can provide the extreme loading. It is important to note that offshore platforms
(at least in the Gulf of Mexico) are de-manned during hurnicanes so this extreme loading
does not pose a risk to human safety.

For typical offshore platforms, it has been shown that the probability of failure under
extreme loading conditions can be approximated by considering the load distribution and
the MEAN of the resistance [1]. The COV of loading typically dominates the analysis to
the extent that the COV of resistance can often be ignored. The focus of this paper is on
assessing the mean resistance capacity of an offshore platform using ultimate strength
analysis procedures in the context of structural assessment.

Structural Assessment: A Step-wise Process

There are three primary steps in a structural assessment: (1) inspection of the structure to
determine its in-service condition, (2) definition of assessment criteria or *failure’, and (3)
analysis of structural strength which typically involves finite element structural analysis. It
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is tempting for engineers 1o perform the third step without recognizing the importance of
the first two steps, The three step assessment procedure proposed by the writers is in line
with a similar step-wise approach to structural assessment recommended in Draft Section
17 to API RP-2A [2,3].

Detailed inspection of a structure should identify its present condition, noting specifically
the as-built condition and any damage or deterioration that has occurred with time. These
data are often used to build a finite element computer structural analysis model
appropriate for the assessment, which can be significantly different than a structural
analysis model typical for new design.

It is important that the assessment criteria be defined before starting any assessment
calculations. This effort might involve selecting appropriate loading criteria such that a
structure shown to withstand this loading criteria passes the assessment. The assessment
criteria could also be a definition of *failure’ or it could be a specific process for
performing an ultimate strength structural analysis.

Assessment engineering involving calculation of the loads on the structure and the
structural resistance constitutes the third assessment step. These calculations can range
from relatively simple linear-elastic analyses to satisfy predetermined loading criteria, to
progressively more complex inelastic ultimate strength analyses, to explicit platform
reliability analyses.

A step-wise approach to structural analysis for assessment, such as that proposed for
offshore structures the Draft Section 17 1o API RP-2A [2,3], is hughly recommended. The
step-wise analysis method is generally efficient, with each successive step involving more
engineering effort to characterize platform performance. The step-wise procedure is
generally followed only until the structure is shown to pass its pre-defined assessment
criteria. A typical approach to assessment structural analysis of an offshore platform
might be as follows:

1. Design level linear-elastic analysis using typical design procedures and component
strength formulations, including all factors of safety. This analysis is extremely useful
for identifying critical components and focusing the efforts of later, more complex
analyses.

2. Design level lincar-clastic analysis removing factors of safety from component strength
formulations.

3. Member removal analyses using linear-clastic analysis and removing ‘critical’
components from the model to investigate load redistribution through the structure. In
some cases the components shown to be critical in design-level analyses can be entirely
removed from a structural analysis model without any adverse effect on overall
structural strength. These “critical” components can thus be shown to be non-critical
in terms of platform ultimate strength.



4. Local ultmate strength analysis modeling the localized non-linear effects of
component failures with the rest of the analysis model linear-elastic.

5. Global ultimate strength analysis using non-linear structural analysis procedures to
model numerous component failures and component post-failure strength. The
remainder of this paper focuses on “pushover analysis’, a particular method of global
ultimate strength analysis common in the offshore industry.

Static Pushover Analysis

The de-facto standard for ultimate strength analysis in the offshore industry has developed
as “static pushover analysis”, a term referring to three-dimensional, non-lincar, large
displacement, static finite clement analyses in which the horizontal forces on a platform
(representative of wave forces) are increased until structural collapse. The failure and
post-failure behavior of platform components such as brace members and tubular joint
connections are modeled explicitly. Significant effort has been devoted over the years by
the offshore indusiry 10 developing specialized software 10 perform these analyses and 10
calibrating the method to *real world' behavior.

The underlying assumptions in a static pushover analysis are that the failure of an offshore
platform occurs when a single large wave strikes the platform and that the wave period is
sufficiently longer than the natural period of the structure so that dynamic effects are
negligible. For most fixed platforms these are reasonable assumptions since wave forces
dominate the structural loading and considering that the typical offshore platform has a
natural period of vibration less than 3 seconds and a design-level or ultimate strength-level
ocean wave has a wave period greater than 12 seconds.

The analysis wols and methodologies used in the offshore industry for pushover analysis
have resulted from significant joint industry funded research over a number of years.
Numerous full scale laboratory tests have been performed of typical offshore platform
components to develop and calibrate analytical models of component failure loads and
post failure behavior. Most recently, a calibration effort of the entire pushover analysis
process was undertaken using experience from Hurricane Andrew [4.5], This “design
level’ storm passed through the Gulf of Mexico in August of 1991 and caused structural
damage to a few offshore platforms. The calibration effort focused on performing
pushover analyses of select offshore platforms and comparing predicted strength to
observed behavior during Andrew. In general the static pushover analysis methodology
was shown 10 be conservative [4,5].

Amoco is developing a ‘recipe’ for performing static pushover analyses of offshore
platforms. This recipe, while still evolving, is based heavily on the experience from the
Humricane Andrew calibration effort. The recipe specifically addresses the following
issues:
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s  Recommendations for typical steps in an investigation of platform ultimate
strength, i.e. the levels of complexity in the analysis series building up to a full
non-linear collapse analysis.

s  Methods for modeling platform component strength and post-failure behavior,
including the buckling strength of platform braces, the ultimate strength of
tbular joint connections, the residual strength of damaged members, and mean
(as opposed to lower bound) material properties.

* Methodology for characterizing soil strength and procedures for modeling
s0il/pile/structure interaction.

¢ Methods for calculating wave forces on platform members and increasing these
wave forces to platform collapse.

*  Methods for calculating wave forces on platform decks and deck equipment.
Amoco UK ‘Lomond’ Platform
The impetus for writing this paper and developing an ultimate strength analysis ‘recipe’
came primarily from a series of ultimate strength analyses which were performed for the
Amoco UK ‘Lomond’ platform. This platform stands in 84 meters of water in the central
North Sea, approximately 250 kilometers offshore due East of Aberdeen, Scotland. The
platform was installed in 1992 and was designed to support 21 wells, 3 pipeline risers, and

a topsides production deck weighing 16,500 metric tonnes. Total jacket structural steel
weight is approximately 4,800 tonnes with approximately 5,400 metric tonnes of piles.

The Lomond platform is a 4-leg tower structure with 4 leg piles and 8 skirt piles. The
structure has four vertical X-braced bays (without horizontals) on the four platform faces
and secondary X-bracing at five horizontal levels at the top and bottom and between each
vertical bay. Figure 4 is a plot of a finite element model of the platform which illustrates
the major platform framing. It should be noted that the deck framing shown in Figure 4 is
simplified for the finite element analyses. Figure 4 also shows the piles extending below
the seabed at the bottom of the platform.

Original Ultimate Strength Analyses

The original ultimate strength analyses of the Lomond platform were performed as part of
an effort to define the appropriate time interval between underwater inspections of the
platform [6]. This required pushover analyses of the platform in its intact state and
vanous damage states (members removed).



The original ultimate strength analyses of the
Lomond  platform  incorporated  several
simplifying assumptions, particularly in that the
piatform foundation was modeled with
equivalent linear springs and tubular joint failure
modes were neglected. This  effectively
eliminated two very important parameters which
have since been shown to influence the collapse
strength of the platform. Also, the methods for
modeling brace failure were somewhat simplified
and these methods were not proven to be
conservative. The original analyses showed that
the Lomond platform had a Reserve Strength
Ratio = 4.99. Platform ultimate strength is often
characterized by this Reserve Strength Ratio
(RSR), which is defined as follows:

(Lateral Force at Platform Collapse )
[ Lateral Force Calculated
Using Current Design Procedures

RSR =

The value of RSR = 4.99 seemed extremely high
to Amoco engineers. Other engineering firms
were retained 1o perform a similar analyses,
producing RSR values ranging from 2.90 to
5.08. Analyses A through E in Figure 5 show
load-displacement plots from these initial
analyses. All results shown in Figure 5 are for Figure 4
forces from the platform West direction and all Lot Petleri
RSR wvalues have been calculated using a SRS My

common ‘design lateral load’ denominator of

35,014 kilonewtons.

The Figure 5 plot clearly illustrates the variability that can result from ultimate strength
analyses when the input parameters and analysis assumptions are not closely controlled. It
is interesting to note on the plot both the significant variability in predicted ultimate
strength and the significant difference in initial stiffness. Similar variability has been shown
in recent joint industry project work in which a number of companies performed ultimate
strength analyses of a single platform [7.8].

The writers were asked to investigate the initial ultimate strength results and to
supplement these results with in-house analyses. In-house analyses were first performed
using simplifying assumptions similar to those of the original engineering consultant in
order to better understand the work that had been done. These in-house analyses showed
that RSR values from 4.02 to 5.78 can be produced simply by varying certain input
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assumptions related to member failure. Analysis F on Figure 5 illustrates results from one
carly Amoco in-house pushover analysis.

Subsequent Ultimate Strength Analyses

Subsequent to this initial series of analyses, certain of the contractors involved were asked
to re-run analyses including more detail in the model 1o represent their best practice for
performing ultimate strength analyses. Specifically, a full foundation model and better
attention (o joint failure were included in the analyses. These analyses are being finalized
as this paper is being written.

Amoco has performed subsequent in-house analyses using our evolving ultimate strength
analysis “recipe’. This analysis work and the development of the analysis ‘recipe’ are still
in progress, but preliminary results have been produced for wave forces from the Platform
West direction. These results are included on the Figure 5 plot as Analysis G.

The RSR value predicted by the Amoco in-house analysis for the Platform West wave
approach direction is shown as 4.7. However, this value may reduce somewhat as
appropriate care has not been fully taken in characterizing tubular joint strength and brace
member ultimate ductility levels. Figure 6 shows the deformed shape of the Lomond
platform at ultimate strength with displacements magnified 10 times for illustration

purposes.
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The platform collapse sequence from Analysis G is summarized as follows, with each item
number corresponding to a number label in Figure 6:

1. First inelastic response in the analysis occurs in the deck legs at the bottom level of the
deck. Since neither the deck framing nor the load distribution on the deck is modeled
very accurately, this event is not of significant concem.

2. The second series of events involves yielding in the top brace between the legs and the
skirt pile sleeves. This is a bending/compression yielding in a minor brace. Load paths
are available for load redistribution.

3, The next event is the onset of yielding in the piles below the seabed. First yield occurs
in the skirt pile with the highest compression load as a combination of bending and
axial compression stress.  Yielding follows in other skirt piles and the main leg piles.
As the load increases, yielding extends along increasing lengths of the piles.

4. The first primary X-brace member fails in compression. This member is in the second
bay from the bottom of the platform. This failure is followed fairly quickly by similar
compression X-brace failures in the same bay on opposite sides of the platform. It is
interesting 1o note that even with compression
all compression X-braces buckled in one bay
the platform is still able to carry additional load
in portal frame action supplemented by the
tension capacity of the remaining X-brace
members.

5. Compression X-braces fail in the third framing
bay from the bottom.

6. The next significant event is the yielding of the
first tension X-brace member in the second bay
from the bottom of the platform. This is
followed by similar failures on opposite sides
of the platform, buckling of compression X-
braces in other platform bays, and continued
tension X-brace failures. At this point the
structure is resisting loads primarily through
portal frame action. Significant softening and
large displacements are evident in the global
load-displacement plot shown in Figure 5.

7. Final collapse s caused by
bending/compression failure of a main leg
member after numerous vertical X-brace
failures cause significant portal frame action.
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Significant inelastic behavior is experienced in the pile foundation but no foundation
failure mechanism is formed.

Wave Force Profile

Common industry practice in modeling lateral forces for static pushover analyses is to use
a force pattern based on a design wave height and linearly scale this force pattern to
platform ultimate collapse. Increasing wave forces on a platform, particularly of the
magnitude required to produce collapse level loads on the Lomond platform, can only
come from increased wave height. Calculations were performed to show that for
Lomond, collapse level loading can only be achieved when waves are high enough to hit
the platform deck levels. When the wave reaches the blocky areas of the deck, very large
forces are exerted at the deck level, resulting in a significant change in the wave force
pattern.  Wave-in-deck forces and the associated change in wave force pattern were not
included by any of the engineering contractors in their Lomond analyses. This factor was
included in the latest Amoco analysis and it is the feeling of the writers that this effect
should be included in a pushover analysis.

Sources of High Reserve Strength

One might reasonably question why a platform might be predicted to be able to withstand
forces on the order of four times its design level loading. It might seem that the platform
was over-designed and that some cost savings could have been achieved by optimizing the
design. The writers have attempted to understand the sources of this high reserve strength
and have come to the following conclusions:

e The Lomond platform components were in general not designed to code strength
interaction ratios of exactly 1.00. The tubular joint connection designs were generally
controlled by fatigue, which resulted in the brace ends being over-sized for strength.
To ease fabrication, it is believed that the entire length of the brace was increased to
the wall thickness required at the brace end. This resulted in a number of members
having strength interaction ratios on the order of 0.5 to 0.6 under design level loading.

* The platform design process included a large number of load cases: extreme storm
environmental conditions from eight approach directions, a variety of topsides
production equipment layouts (both present and future), loads from the drilling rig
located over a number of different wells, fabrication and lift forces, transportation and
installation forces, etc. Each platform member was sized for the worst load case for
that particular member, with the resulting composite structure being perhaps
overdesigned for any single load case.

* A three-dimensional X-braced structure, by its very nature, has a tremendous number
of redundant load paths and can tolerate numerous component failures before global
platform collapse.



¢ Fully optimizing structural sieel weight for the Lomond platform may not have been a
major project objective. Economic analyses of construction projects for offshore
hydrocarbon production often show that more benefit can be gained by reducing the
time spent designing, fabricating, and installing a platform (thereby reducing time to
first hydrocarbon production) than can be gained by spending extra time in design and
fabrication optimizing structural steel weight.

Conclusions

The analyses of the Lomond platform have been an interesting project for the writers. The
Lomond platform is probably atypical of the platforms for which structural assessment and
ultimate strength anulyses are generally performed, since it was designed and installed so
recently (1991-92),  The motivation for these swdies was inspection planning, not
assessment for service life extension. However, the platform proved an excellent test of
state-of-the-art ultimate strength analysis procedures and the project showed that the
offshare industry needs to devote further effort to reducing the variability in the results of
these complicated analyses.

The authors believe that ultimate strength analysis (in the sense of something beyond
design level lincar analysis) 1s a vital part of the structural assessment procedure. It s
highly recommended that a step-wise approach similar to the one proposed in this paper or
in APl RP-2A Draft Section 17.0 [2,3] be used in building up to an ultimate strength
analysis from a design level linear analysis.

All assumptions taken in ultimate strength analyses must be reasonable and justified.
These assumptions are numerous in a fully non-linear analysis and unreasonable
assumptions or neglected component failure modes can drastically alter the predicted
platform collapse strength and lead to high degrees of variability in the analysis results.
Guidelines for ultimate strength analysis are needed to assist designers and engineers
whose experience lies primarily with linear-elastic analyses.

Where appropriate in static pushover analyses, changes in wave force profile should be
included. For the platform discussed in this paper, it can be shown that collapse level
loading is only possible if the wave reaches the platform deck elevation. This causes a
significant shift in the lateral force profile that was not accounted for by any of the
engineering contractors. Increasing the lateral load by scaling a single wave force profile,
a procedure followed by most analysts in the industry, should not be used when the
possibility of waves reaching the deck exists.

Modem offshore platforms with three-dimensional X-braced framing can be expected to
exhibit high levels of reserve strength due to the high number of redundant load paths
provided by this framing geometry.
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ABSTRACT

In this paper, nondestructive methods for experimental field testing of bridges are
discussed, Procedures currently available can be used to evaluate the many aging and detenoratin,
bridges on our roads and interstates. Using a diagnostic field test, a posted, three-span, steel-
girder-and-slab bridge was recently evaluated. This paper will present an overview of the testing
which took place, as well as how the load test data was used to evaluate the bridge's load-carrying

capacity.
INTRODUCTION

A posted bridge, a bridge which is signed to restrict traffic crossing it based upon a wei
limitation below the normal legal limit, represents an economic hardship to the regions served
the bridge. The costs to society of the posted bridge can be measured in terms of miles and
minutes of the detour required for commercial traffic, as well as the traveling public.

Theconofmphcin;auoflhewims'deﬁcienlbll;ilfis bitive. One alternative to
replacement is to strengthen or rehabilitate sub-standard bridges. However, before this option is
exercised, it is useful to be able to evaluate the actual load-carrying capacity and stability of the
bridge in question.

Traditionally, a bridge’s load-carrying capacity has been based upon conservative, non-site
specific, calculations. As a result, many bridge-specific strength and stability considerations can
not be accurately addressed. One method of more fully evaluating a bridges safe load-carrying
capacity involves field experimentation. Due to technological advances in this area, the cost of
field testing bridges is now relatively small in comparison with the cost of rehabilitation, or the
societal costs associated with restricting traffic on a posted bridge.

Through research supported by the Delaware Department of Transportation, the authors
have evaluated the use of experimental bridge testing to determine accurate capacities of posted
bridges, and have conducted a diagnostic load test on one of Delaware’s posted bridges.

This paper will briefly review the current state-of-the-art in experimental field testing of
1 w&%@mmrawm-mmmgmiqundmnmuy
test.

BACKGROUND

Currently, most bridges are evaluated using simplified models that rely on structural
dimensions and properties determined from original design plans and/or observations made during
on-site inspections. As a result, current ratings may not always accurately reflect a bridge's safe
load-carrying capacity. In fact, researchers have found that traditional load rating methods are
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typically quite conservative (Aktan et al., 1993; Bakht and Jacger 1990; Commander 1989;
Lichtenstein 1995).

Even if an advanced malymofabndgnsperfmmd many mumeso!cruymm
to be included without field experimentation. These

existence of composite action, unintended support fixity, better-than-expected lateral dutnbuuon of

live loads, participation of secondary and non-structural components, effects of geometry, and

effects of two-way action.

One method for quantifying bridge-specific sources of capacity, and more accurately
determining a bridge's load-carrying capacity, is to conduct an experimental field test (Schulz
1993), A state-of-the-art survey of experimental field testing of bridges by Edberg (1995)
indicated that many researchers are actively working in this area including Aktan and

vendrlclm’(l ), Bakht and Jaeger (1990, 1992), Burdette and Goodpasture (1988), Fu
Tang (1992), Goble et al. (1992), Moses et al. (1994), and Pinjarkar et al. (1990). Work on
developmg appropriate, nondestructive test methodol for bridge testing by these researchers
and others, combined with the increasing capability and affordability of testing u{:w (Schulz

1989), has made the ofcouducungmunmmlmdmulum recognition of
this, a "Manual For Bri Nondestructive Load Testing” has recently been
written (Lichtenstein | ln!u:t.the mnepmm:ofmmpom(msmwm
Glrcu 1989).lheNew Yntk ion (Fu et al. 1992), the Ontario Ministry

Transportation (Bakht lnangonlmB and Jaeger 1990), and Switzerland (Markey
mnnmmmmudw field testing to rate bndges.

DIAGNOSTIC AND PROOF LOAD TESTING

Expmmﬂﬁeldm;ofbndgumbedmdedmommdw
and proof test. In a "semi-static” diagnostic test, a truck having a predetermined
near the bridge's rated capacity, is slowly driven across the bridge on several different and
the bridge is measured. The use of demountable strain transducers, described by Schulz
(1989), makes it possible to fully instrument and test most short-to-medium span bridges in a

day. The transducers consist of four foil resistance strain gages in a Whuut

cunﬁgummnmbeddndmndummumnnp The ring has brackets which allow the gage
tobemzhdmnbndgemmerci by clamping the brackets directly to the member, or by
bolting metal tabs to the brackets and then adhering the tabs to the member with a quick setting
two-part epoxy. The transducers can be attached to concrete members using epoxy in the same
manner as used with steel. [n this case, an extension is used (o provide a longer length.
Using this method, 4 wide variety of bridges can be evaluated including steel ( sections,
plate-girders, and boxes) prestressed concrete (I-sections, boxes, etc.), and reinforced concrete
(slnb.mdbox;uﬂer).Omelheﬁddwhasbeencomphwd.lhcm response is used to
«mhﬁmmumammwmmmmmmunm
all

In a proof test, incremental loads are applied to the bridge until either a target load is
reached or a predetermined limit state is exceeded. To apply the required load, a special loading
vehicle is required. The same type of instrumentation used in a diagnostic test can be used in a
proof test. In addition to measuring strains, deflection are often monitored during lpmofuu. To
m:mnmdmpmmwmemafwrmhmwdhdhmhdm removed

of the bridge is carefully monitored. Using the maximum load
l;ylud.lnﬁuplmyfu bmlpunbcd:luuuned For the proof test, the safe carrying
capacity can be determined with less instrumentation and without the need for extensive analysis.

Both of these methods are currently being used to evaluate bridges. Each method has
advantages and disadvantages. While results from “semi-static® diagnostic tests must be




extrapolated in order to estimate a bridge’s capacity, compared to p tests they are less
Wt;ﬁmmm&m&mmﬂm jon to traffic. The
advantages of proof tests inc ability to rate bridges extensive analysis, as well as
the ability to evaluate bridges for which little information about the as-built condition is available.

With regards to issues of stability, diagnostic testing is preferable. Since instability is a
sudden phenomena, the basic proof test plulmophyo!mully Munnlawpu
load is achieved, is not desirable. Rather, by applying a "safe” praenmuw

a diagnostic test, a substantial amount of information regarding the structural oondiuon and
heha\nor of the bridge can be hu:\emd This information can in turn be used to numerically
investigate issues of stability. remainder of the paper will summarize the evaluation of a

posted bridge through the use of a diagnostic field test.
FIELD TESTING OF A POSTED BRIDGE

The steel-girder-and-slab bridge tested in this study was built in 1940. It is located on the
heavily traveled Pike, and carries traffic across the Red Clay Creek in Wlhmgnn.
Delaware. Thnmmddlynﬂﬁcudnwdﬂlymku:ﬁk[uﬂ!:bﬁdpmﬁ
900tespu:dvaly The superstructure consists of three, simply supported , each consisting of

nine non-composite rolled steel girders. The fascia girders consist of sections encased in
concrete. On the center span, rwqwlysmdbwmmumwhwm::n_mmm
The original roadway consisted of a 216-mm-thick concrete deck with a 50.8- asphalt
overlay. Section, plan, and elevation views of the bridge are shown in Fig. 1.

Over the history of the bridge, a variety of repairs have been made. Corrosion of
dhphn;mshuhmre%:mdwithﬁeld-mdedplm.mco{mml has also
experienced corrosion in the region below an expansion joint and was also with a field-
weldedplm To prevent further corrosion damage to the girders, they have recently been re-
painted. In another repair, the ends of the beams of the center span were welded to their bearing
plates, restraining relative movement. This condition has led to some cracking of the pier
ca.puuﬂbelmvlhe rt locations. The parapets have experienced a considerable amount of
concrete spalling, ex) mofdtmnfmngml. Finally, additional asphalt overlays have
been added to the thcxpamm;mmmhmmmelhckmtofu:m
wuringwﬁoewmnmly

In March of 1994, the bri wsmdyzedmdmadbylbebehwmbmmnmof
Transportation using BRASS (1 The analysis. which incorporated an estimate of the
corrosion damage to :lt: girders, mdacued[ thulo.dhmuommneeded,ml;h compumud
inventory, operating, and posting rating factors for Delaware's seven rating are in
Table 1. The rating factors for posting range from 0.72 to 1.39. In Delaware, rating factors for
pomnamukmwbeequﬂwtwo-monhemvenwwm;plmou-thudof operating
rating. All ratings were by insufficient midspan moment capacity of the center span. As
uuultofrheandym. bridge was posted for several vehicle types, partially restricting truck

Mmmfmmummmmwroﬂm;.mlymhww
instrumented. Demmubkmnmmmeuwmnw:dmd&rmumﬁmmdm
selected girders at locations halfway between the end of the girder and Mmﬂdm




The loading vehicle used was a three-axle, single-unit truck (S335) wcighinf 223 kN.
i

This weight was slightly less than the rated posting (231 kN) for the three-axle configuration.
With lheﬁ:lge temporarily closed to traffic (a few minutes at a time), the truck was slowly driven
across the bridge (at approximately 8 kmvhr) and strain data, as a function of truck location, was
recorded for each channel at 32 Hz. Afier each truck pass, strains were monitored to ensure that
they went back to zero (i.e., no permanent deformation). In order to obtain meaningful data
mguﬁi:ﬁmbom transverse and longitudinal load distribution, the truck's driver-side wheels were
driven g three marked paths P1 - P3 (see Fig. 2), each having a different transverse
position on the deck. In order to ensure consistent results, measurements were taken as the truck
made two passes along each . Six truck passes were needed to collect all of the data, and the
entire field test was completed in a single day.

A typical strain history measured by transducers on a girder's !cBumd bottom flanges at
midspan is shown in Fig. 3. Note that positive strains indicate tension. During the field test, the
maximum strain recorded was 73 microstrain. This value of strain corresponds to a tensile stress
of 14.5 MPa (2.1 ksi), well below the steel's allowable tensile stress,

BRIDGE ANALYSIS

In order to estimate a safe load rating for the bridge, a finite element model was created
based upon the data from the diagnostic test. A planar grid model of the main structural elements,
combined with a plate element representing the deck, was used. The plates allowed accurate
transverse distribution of wheel loads to the girders.

From the measured data, two important characteristics of the bridge were identified. First,
under the loads applied, it was evident that unintended composite action between the girders and
the deck was occurring (see Fig. 3). Second, the longitudinal strain distribution observed along
the gi indicated that some degree of support restraint, referred to by Bakht and Jaeger (1990,
1992) as bearing restraint forces, was developed.

The determination of ite section properties for the girders involved a series of sl
including (1) the identification of the neutral axis location from the measured strain data, (2)
determination of an effective deck thickness, and (3) the final calculation of section properties
including the composite moment of inertia.

Even though the bridge was designed to have pin-and-roller joints, modifications to the
supports by maintenance forces (which involved field-welding of the gmmng(nhua to the ends of
the girders) introduced a measurable amount of restraint. One way lo | bearing restraint
forces is to incorporate a rotational spring into the model at the supports. To determine the
appropriate rotational spring constant, one can begin by looking at strain measurements along the
length of a girder when the centroid of the loading vehicle is at midspan. If there were no end
restraint (ideal pin-roller boundary conditions), the strains would go to zero at the reaction. In this
case the absolute value of the end-to-midspan strain ratio would be equal to zero. If the ends of the
girder were completely restrained (fixed boundary condition), the absolute value of the end-to-

3 strain ratio would be equal to one. By computing the measured end-to-midspan strain
ratio, the degree of restraint or percent of fixity can be determined, and an appropriate rotational
spring stiffness, k,, can be found. In this case, the measured end-to-midspan strain ratio was
estimated 1o be 0.20 (i.e., 20 percent fixity) for both interior and exterior girders.

Once all of the parameters for the model were established, the test truck was placed on the
model at 11 discrete locations along each of the three loading paths (a total of 33 truck positions).
For each truck rouition.wmaiysismpeﬁm In order to compare the results (o
those iuthcﬁeld.cmnwwdmmenlswcumdloﬁndslniusalmhofmegnge
locations. Fig. 4 illustrates the accuracy of the model in predicting the longitudinal load
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distribution by comparing measured and computed strains the bottom face of girders 2 and 4,
To see how well transverse load distribution is predicted, Fig. 5 compares the measured and
computed strains on the bottom face of each girder at midspan. In both cases, the finite element
model does a good job of capturing the recorded bridge response.

In addition to the visual data comparison, the accuracy of the model was also evaluated
statistically. By utilizing 1,056 comparisons between measured and computed strains (33 truck
locations times 32 strain transducers), absolute error, percent error, scale error, and a correlation
coefficient were comguwd The absolute error was 1850 microstrain (on average, this represents
an error of less than 2 microstrain per reading). The percent error and scale error were 7.9 and
10.0 percent lﬁmwcly and the correlation coefficient was 0.97. These values, like the visual

icate the high degree of accuracy of the numerical model.

BRIDGE LOAD RATING BASED ON FIELD TEST RESULTS

Having developed an accurate numerical model of the center span, the bridge could now be
load rated. However, because the applied load was limited to a 223 kN truck, two important
decum n:gnrdmgm g assumptions needed to be made in order to extrapolate results to

isions were whether unintended composite action and/or unintended support
mmtshuﬂdbemuntedmullmhlghrlmds.

Several factors should be considered in deciding whether or not to utilize the additional
strength caused by unintended composite action. These mchabthecmmn&iﬂmonhe
Iandgc its past and future traffic history, the amount of structural redundancy, and the potential for

future nondestructive structural evaluation. In this case, the condition of the deck and girders was
relatively good. Neglecting the three months immediately prior to the load test during which the
bridge had been posted, there was no reason to expect a change in traffic patterns from earlier years
if the bridge were unposted. Smoethehndgchadmmmmedcompwtummtodm there was
nothing to suggest that it would abruptly lose composite action in the future. Furthermore, since
mmhn;imdmﬂpdasmymmofmﬂ'm.lhebnﬁgehuamwdemofm and
a loss of composite action would be likely to occur gradually and not result in a sudden failure.

Based on this evidence, it appears reasonable to include the effects of composite action in
the final load rating of this particular bridge. lfﬂubrldgerlnnguwhcbawdonunlmenbd
composite action, a relatively lmqucm inspection program is Future inspections
should include examination of the deck-girder interface. Ifmugmyofmeconmoammmnw
in question, additional load tests using ambient traffic should be performed to determine neutral
axis locations.

With regard to the supports, it may not be as reasonable to rely on this unintended restraint
gher load levels. The restraint is a result of repair work done to the bridge, which involved
lhemdsol'u:tumtothwbemngplm This restraint has led to cracking of the piers

just below the support locations. Because of the poor condition of the piers, which implies that
significant belnng rnmes can develop, it seems reasonable to base the final load rating of this
bridge on a model that neglects support restraint (i.e., huﬂwlym houndary conditions).
In fact, by repairing the supports and restoring simply supported tions, further damage to the
piers may be prevented.

Based on this reasoning, a finite element model incorporated composite section

simply su ed ends (i.e., no support restraint) was used to evaluate and rate the bridge.
ngfmmmg)‘formm@ekumlmmmpuwd based on the equation



(n

where C is the member capacity based on a specified stress limit, D is the maximum stress
developed due to dead loads, L is the maximum stress devel due 1o live loads, I is the impact
factor, and A; and A; are the dead-load and live-load factors for LFD rating respectively. Results
from the load test and the finite element analyses were used to determine the terms in Eq. 1.
Member capacities were defined based on the measured neutral axis location and the inventory and
operating stress levels. In this case, limiting values for inventory and operating stresses for the
steel girders were taken to be 124 MPa (18 ksi) and 172 MPa (25 ksi) respectively. These values
were on an assumed steel yield of 227 MPa (33 ksi), whic wu:gmcnduemlhe
of the structure. An i actor of 2 Mumgﬁeuedinmm(lm).wnuud_
ve-load and dead-load effects were computed using the finite element model. Since the entire
bridge is modeled as a system, the use of a distribution factor to determine load effects on a
particular beam was not necessary, Instead, to account for multiple-lane loadings, several truck
paths were defined for the rating vehicles, and stresses computed for each path were superimposed
to obtain the maximum live-load response.

For each of Delaware's seven rating vehicles, critical inventory and operating rating factors
were . Based on the analyses, rating of the exterior girders was controlled by two lanes
being | , while three lane loads combined with the 10 percent reduction (AASHTO 1989)
controlled the rating of the interior girders. In all cases, the final load ratings were governed by
flexural stresses in the interior girders. The computed rating factors are given in Table 1.

Since unintended composite action was utilized, values of horizontal shear stresses at the
concrete slab/steel flange interface were checked and found to acceptable based on
recommendations Lichtenstein (1995). These recommendations that limiting
bond strengths of 0.48 MPa (70 psi) for non-imbedded flanges, and 0.69 (100 psi) for
partially or fully embedded flanges, can be conservatively used.

SUMMARY AND CONCLUSIONS

Nondestructive methods for experimental field testing of bridﬁs have been discussed.
Existing methods are relatively simple to conduct, and results can be used to gain a better
understanding of a bridge's structural condition and behavior. Using information gathered duri
a field test, engineers can evaluate the bridges load-carrying capacity. In addition, data
during a diagnostic field test can be used to develop accurate mathematical models of a bridge,
which in turn can be used to numerically investigate stability issues.

Also presented in this is a summary of a diagnostic field test of a posted, three-span,
steel-girder-and-slab bridge. Using the test results, bridge inspections reports, field observations,
and engineering judgment, inventory and operating load ratings for Delaware's seven load vehicles
mmlndfumdlomp[mo.'ﬂmI,BSMZ.I6to4.00.rupecﬁvel . Using these
ratings, the posted rating factors range from 1.38 1o 2.55. These results indicate the bridge's
load-carrying capacity may be substantially higher than the current load levels indicate (recall that
the current posted rating factors range from 0.72 to 1.39) and suggest that the posting levels on the
bridge may be unnecessary.
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Table 1. Current and Computed Rating Factors

W ezl

1nlmg Vehicle Inventory Operating Posting
(GVW kNAons) Current | Computed | Current | Computed | Current | Computed
“HS30T (320736) ] I a3 242 0.82 .55
5220 (178/20) 0.86 1.83 243 4.00 1.39 2.55
5335 - (312/35) 0.46 1.01 1.29 220 0.74 141
$437 - (325/36.5) 0.45 0.99 1.27 2.16 0.72 1.38
T330 - (267/30) 0.70 1.57 1.98 3143 1.13 2.19
T435 - (312/35) 0.64 1.33 1.80 29 1.03 1.86
T540 - (356/40) 0.57 1.20 1.59 2.61 0.91 1.67
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Figure 1

Section, Plan, and Elevation Views of Test Bridge
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Figure 2. Location of 32 Transducers and Three Paths for Loading Vehicle
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Fi, 5. Comparison of Measured versus Computed Strains Across Midspan Due to Loading
s Vehicle with its Centroid at Midspan on Path P2
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BRIDGE DETERIORATION

John T. DeWolf
Professor of Civil Engineering
University of Connecticut
Storrs, Connecticut, U.S.A.

INTRODUCTION:

The National Science Foundation has noted the need for the development of a
cohesive strategy for renewal of the U.S. civil infrastructure. Four key research
areas are deterioration science, assessment technologies, renewal engineering and
institutional effectiveness and productivity. Included in these is the enhancement of
system performance and ensuring the longevity of existing and future infrastructure
systems. As noted by Bordogna (1), current methods are relatively primitive and
unreliable, prompting conservative, often costly decisions. He further notes the
need for research in nondestructive evaluation techniques.

With few exceptions, bridges are presently monitored with visual techniques.
It is not always possible to see all critical areas, with the result that problems go
unnoticed until they become serious. This approach also does not provide
information between inspections. A bridge with a problem would require more
frequent inspections, requiring additional manpower. Fortunately, failures have
been limited. Those that have occurred have been disastrous (Mianus bridge in
Connecticut in 1983 and the Schohane bnidge in New York in 1987 are examples).

Work during the past decade at the University of Connecticut has been
directed toward field monitoring of bridges, involving both strain measurements and
vibrational studies. We presently have a fully operational monitoring system
mounted on a Connecticut bridge and portable equipment for short term studies, as
needed. This work has resulted in substantial savings to the State of Connecticut by
providing information in the continued efforts to renew and maintain the state’s
bridge infrastructure. It has also provided research information in field monitoring.
This paper reviews some of the efforts at developing vibrational techniques which
can be used for a systems approach to the continuous monitoring of bridges under
normal traffic loading.




VIBRATIONAL MONITORING:

Many techniques are available for bridge monitoring. Those involving
deformations include strain measurements and determination of deflections. These
are most useful where there is a known problem so that the sensors may be located
to determine specific information. They do not provide for global monitoring, which
both requires that a major portion of the structure be under surveillance and requires
evaluation of different potential failure mechanisms. Furthermore, since changes in
strains and other deformations are relatively small, even when there is a major
change in the bridge’s structural integrity, these localized measurements of strains
and deflections are unlikely to indicate a problem exists.

Vibrational measurements have been successfully used in many different
applications for global evaluations. Manufacturing plants rely on this approach to
prevent breakdowns in critical equipment which can result in serious loss to
production capacities. Power plants also use vibrational measurements to maintain
continued power generation. One of the benefits in using vibrational data is the
wide variety of ways in which the information can be processed. This allows for
development of techniques which can magnify the changes which occur when the
structural integrity is compromised.

An essential requirement in bridges is the need to use continuing excitation
for evaluation. A monitoring approach which requires use of a test vehicle, or other
specialized loading, is limited to use only when sufficient manpower is available to
operate the system. This type of inspection technique normally requires closing of
the bridge to conduct the monitoring. This is not readily done with many of the
more heavily trafficked bridges on the nations’s highway system.

A significant portion of the work at the University of Connecticut during the
past decade to adapt vibrational monitoring to bridges has involved development of
new equipment and adaption of evaluative techniques. What has been done for
machinery and power plants, while providing a basis of this work, has not been
directly applicable to bridges. Typically, bridges are more complex than parts of
manufacturing plants, with members which are neither homogeneous nor always
rigidity connected together. The frequency ranges for bridges are much lower than
most other applications, requiring special sensors. Loads, i.e. traffic loading, is
highly variable, with different vehicle weights/sizes, vehicle suspension systems,
speeds and travel lanes. The exterior environment, with all kinds of weather
conditions, necessitates careful design for long-term use. Much greater care is
needed in developing ways to process the data so that the vibrational signature is
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able to reflect that there has been a change in the structural integnty.

The following is a review of some of the studies which are providing
researchers at the University of Connecticut with some of the key components
needed for a fully operational continuous monitoring system.

FIELD MONITORING STUDIES IN CONNECTICUT:

Research in vibrations at the University of Connecticut began with a study of
a four span continuous steel plate girder bridge (2). The bridge longitudinal view
and cross section are shown in Fig. 1. Both test vehicles and normal traffic were
used to describe the vibrational behavior, determine the significance of the
vibrations on the structural integrity of the bridge and make recommendations if
needed on what might be done to reduce the vibrations should they have a negative
influence on the bridge’s structural capacity.

3

'l_ 120 f1. o 168 f1.

kS - - £ + 1 & &

(a) Bridge Longitudinal View (Half of Symmetrical Bridge)

(b) Bridge Cross Section

Figure |  Four Span Continuous Bridge
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In addition to characterizing the behavior and concluding that the vibrations
were not detrimental to the long-term performance of the bridge, this study of a
large indeterminate bridge indicated that normal traffic could be used to characterize
the global performance. The natural frequencies and mode shapes for the lowest
natural frequencies were discernable from normal traffic loading. Portions of this
information do no change with different vehicles, speed or travel lanes. The study
also demonstrated that vibrational equipment, both sensors and processing hardware
and software, needed further development for application to bridge studies. The
main conclusion was that vibrational monitoring had possibilities for continuous,
long-term bridge monitoring. In addition, extensive analytical work followed the
field study to gain a better understanding how different factors influence the
vibrational performance,

A model study was developed to leam more about how vibrational monitoring
might be applied to bridges (3,4). An aluminum plate girder structure was built,
consisting of two [-sections made from elements, allowing for replacement of
different elements as cracks were introduced. The bridge was tested as both a
single span and a two span structure. The model bridge is shown in Fig, 2.
Different vehicles were pulled across the bridge at different speeds while
accelerations were recorded. The ambient vibration method was employed to define
the resulting behavior.

Degradation tests included both introduction of a crack into one of the I-
sections and movement of different supports. The conclusions were that the
ambient vibration method could be used for natural frequency and modal shape
determinations, that both natural frequencies and mode shapes exhibited changes
when cracks and support displacements occurred, and that the approach had
potential for bridge monitoring.
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(a) Bridge Longitudinal View

(b) Bridge Cross-Section

Figure2  Model Bridge

Additional field tests were conducted to determine whether vibrational
signatures in the form of frequency response plots were obtainable for a full scale
bridge using the same equipment and methodology employed in the laboratory
model study. These were also used to define requirements for both sensors and the
hardware needed for interaction with the sensors in order to apply the vibrational
technique to long-term bridge monitoring.

A prototype monitoring system was next developed for continuous, long-term
installation on bridges. This work was carried out with support from a State of
Connecticut economic development initiative in conjunction with Vibra=Metrics, a
Connecticut Company specializing in manufacture of vibrational equipment. The
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design of the system included development of specific sensors for use on bridges
and a complete package of hardware and software for collecting the data. The
system is remotely controlled and capable of collecting data on a continuous basis.
The system has 16 accelerometers which provide for determination of the bridge’s
modal performance.

The monitoring system was first placed on a newer Connecticut single span
bridge (5). The cross-section and the framing plan with accelerometer locations are
shown in Fig. 3.

(a) Bridge Cross-Section

LATERM, MACING

ACCELEROn e o

L

(b) Framing Plan and Accelerometer Locations

Figure 3  Bridge with Prototype Monitoring System
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An example of a response spectrum is shown in Fig. 4. This spectrum plots
volts (proportional to the acceleration levels) versus natural frequencies, based on
data processed from a small time period. Generally, major peaks in the response
spectrum correspond to natural frequencies. In bridges, only the lowest natural
frequencies are measurable. The levels of excitation for higher frequencies is below
the system noise levels. Different spectrum clean up techniques can reduce the
noise levels and improved system resolutions can aid in determination of higher
frequency levels. Most smaller and medium span bridges do not exhibit more than
about 5 natural frequencies. In this study, the three lowest natural frequencies, at
2,01 Hz, 2.37 Hz and 4.16 Hz, were decipherable at most sensors in most tests.
Others occurred sporadically.

#0089

me-0C
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Figure 4 Example Response Spectrum

The frequency spectra for different sensors along with phase information can
be processed to produce mode shapes. There are both flexural mode shapes, with
longitudinal variations in displacement, and torsional mode shapes, with both
longitudinal and transverse variations in displacements. The mode shapes for the
first flexural and first torsional natural frequencies are shown in Figs. 5 and 6,
respectively.
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Figure 5 Mode Shape for First Flexural Mode

Figure 6  Mode Shape for First Torsional Mode
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Both the natural frequencies and mode shapes were used to characterize the
bridge, i.e. to develop a vibrational signature. The data collected during a year was
analyzed statistically for stability.

Another study (6), conducted by Lauzon for the Connecticut Department of
Transportation and in which researchers at the University of Connecticut
participated, involved introduction of a crack into a full-scale highway bridge
scheduled for replacement, The cross-section of the test span, using a portion of the
width, is shown in Fig. 7. The crack was introduced into girder C near the center of

the span.

Figure 7 Cross-Section of Test Span with Failure Mechanism

The results from Lauzon's study are being evaluated to determine how actual
field vibrational information can be used to predict major changes in structural
integrity. Preliminary results (6) have demonstrated that changes in specific natural
frequencies are not sufficient to indicate a change in the structural integrity has
occurred. However, additional frequency peaks develop and can be used in this
prediction. There are also substantial changes in modal shapes which can be used
for monitoring purposes.

The prototype monitoring system is presently mounted on an older,
continuous two-span steel girder bridge. The system resolution has been increased,
allowing for better determinations of the response information. One of the
considerations involved in this study is how temperature changes and frozen
bearings modify the vibrational results. This work will be reported on shortly.
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CONCLUSJONS:

Vibrational monitoring, based on use of normal traffic excitation, can be used
to develop a signature for the bridge. The goal of this continuing work has been to
use this signature as a basis for continuous monitoring to prevent catastrophic
consequences.

It has been necessary to design special equipment for the vibrational
monitoring in the bridges studied. It has also been necessary to use appropriate
evaluative techniques. This includes the choice of software used and determination
of those items which will change as the bridge’s structural integrity changes.
Frequency based comparisons are in themselves not adequate. The modal shapes
offer more information for monitoring purposes. Statistical evaluation of the
resulting data must be used with carefully developed evaluative techniques. These
are now under development.
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EXPERIMENTAL EVALUATION: Aging, Deteriorated and Damaged Structures

Peter C. Birkemoe'

INTRODUCTION

The purpose of this paper is to help define the role of “experimentation™ in the general area of
maintenance, rehabilitation and repair and in the particular area of structures which through wear,
time or catastrophe require engineering evaluation and solutions to maintain safe operation or extend
the use of the structure to new functions. Another aspect of the discussion is that only problems
related to the stability of metal structures are addressed.

Experimentation and measurement are viewed as synonymous in this context and thus whether
a laboratory controlled study or the measurement of geometric properties of a structure for
engineering evaluation, similar principles and goals are involved And it can be shown that laboratory
and field measurements both contribute to the general knowledge of structures and have a global
effect on engineering practice through the modification and interpretation of codes and standards

The evaluation of structures with significant information often permits more sophisticated
analytical techniques which remove conservatism associated with uncertainties that were present in
the original design time. Analytical modelling methods which are often evaluated through direct
comparison with physical modelling can now be used to advantage to obtain, for example, improved
evaluations of residual strength, including many parameters explicitly known through measurement

STRUCTURAL CHANGES

The changes that tend to affect stability related behavior are those which affect dimensions and/or
stiffness, and an important aspect that separates this topic from conceptual design is the fact that we
are dealing with an existing structure and thus have more information of a specific nature than one
generally has at hand in onginal designs. Structural changes that cause reason for any evaluation can
be classified broadly as follows:

* USAGE

Functional requirements change with owners, activities, markets etc. and generally have
increased demands on the structure from the standpoint of load magnitude, frequency and
location. Increases in dead load through repairs and maintenance as well as major reductions
resulting from alternative materials contribute to the structural changes associated with use

* VOLUME
Material loss through wear or corrosion essentially produces a structure which is weaker and
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more flexible as the result of volume/thickness changes  Although not in the same realm,
structural modification such as the removal of portions of the structure to accommodate an
unrelated activity can be included in this category.

® SHAPE

The configuration of a structure may be changed enough to render it globally or locally weaker
than it was in its initial configuration; similarly material properties may be changed and although
not “geometric” the results may be similar. Examples of changes in this category include
distortion by fire, collision and overload. The nature may be local (dented or partially collapsed
cross sections), global (frames over loaded in a storm or collision to cause permanent
deformations) and material response (altered yield strength or ultimate strength in metal
structures) as a result of fire or strain hardening from a seismic event

Thus the changes in geometry, stiffness and loading while within these broader changes in structures
can be in turn related to stability considerations which must be addressed to provide a reliable
performance and adequate safety  From the point of view of stability, these structural changes which
are of concern in most structural designs must be addressed in light of the evaluations of the
conditions that exist in the structure rather than those established as the norm or defined in terms of
accepted standards or tolerances. It is here that the measurement of the condition of the structure
becomes an essential element of the evaluation and solution.

MEASUREMENT / EXPERIMENTATION

Measurement is the substance of what one does in experimentation and thus it can be viewed as part
of the evaluation and assessment process and may become an integral part of the design. Three
specific “areas” or “examples” will be cited here to show the association, Others could be added, but
these were chosen to cover the situations described above and to relate to the theme of “aging,
deteriorated and damaged structures.”

® Stuctures. “as buill” and “as they are after 2 while"

Steel bridge design is an exercise in functional geometry applied (o pedestrian, highway and rail
transport In fabrication the geometric specifications (tolerances) have a major impact on the
economy, rate and cost  Bridge standards generally have very stringent tolerances some of which
are not always achieved in practice

Korol and Thimmhardy” followed the fabrication and erection of several major bridges to
determine the nature of the “as-fabricated and as constructed” imperfections in plate and box
girder bridge construction. They devised some laboratory equipment which had a degree of
simplicity and certainty that made measurements of the geometry of plates and stiffeners quite
accurate and straight forward  This study showed, as others have, that many techniques of

? Thimmhardy, E. G. and Korol, R. M., “Geometric imperfections and wlerances for steel box
girder bridges, Camadian Journal of Civil Engineering, Vol. 15, No. 3, 1988, pp437-442,
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measurement developed for the laboratory environment have direct application to field
problems. Their study followed the fabrication and erection of bridges and compared the several
Canadian bridges to the prescribed tolerances The deviations from the ideal were
measured as they are prescribed in terms of an amount relative to the nominal length of the
element involved, see Fig | A sample of their findings, in Fig 2, illustrates what is often found
in field measurements the nature and/or magnitude of the distortion is not as indicated by the
tolerances which are prescribed in specifications  The out-of-straightness, as a function of the
panel width, is shown to exceed typical specification requirements of 1 in 200 as the thickness
of the plate decreases. The results of studies of this nature should influence the revision of
standards to reflect the reality of what can be achieved and may, as well, lead to modifications
in specification formulas for design

o CORROSION “aslowly changi =

The long term effect of corrosion of metal structures are many, but from the stability and strength
standpoint it is a simple dimensional reduction which increases stresses and generally causes a
degradation in stiffness parameters which in turn reduce buckling strength. Current examples
of corrosion problems are found in the offshore oil production industry and in the transportation
industry

In current research at Lehigh University under the direction of Ostapenko and Ricles, the
corrosion effect on tubular members in offshore platforms are being quantified through
experimentation on members removed from structures taken out of service. This work provides
an example of experimentation which, unlike the previous example which involved laboratory
measurements in the field, brings the reality of the field into the test laboratory. Rigorous
measurement of the ansata geometry is being correlated with measured strength while models
for the analytical determination are being developed to assess strength reduction and to
determine the need and feasibility of repair  This joint industry sponsored research also is
examining methods of repair for field application; again, experimental and analytical evaluation
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are being carried out to provide a comprehensive solution. One of the biggest challenges has
been the characterization of the corrosion which may be uniform but is more commonly
characterized by a random thickness reduction with local perforation. Mapping of the corrosion
wndnmnmﬂuﬁddmﬂbenmq«comduuwnmlhewﬂuumoflheufayofmm
Experimental techniques developed in the laboratory will provide guidance for these
procedures.
The research described above is directed toward tubular members, but the approach can also
being used for the evaluation of bridge and building structures which have been exposed to a
corrosive environment

e DENTING and DISTORTION “assessing visible d. »

The third example of experimental applications deals with the damage through denting and
distortion of members which results from impact with an object or the experience of an excursion
of overload which causes permanent large deformations in the member or structure. The
experimental evaluation of dented tubular member has been underway for the past two decades,
spurred principally by the offshore oil and gas industry. Here, damage of members in heavily
redundant structures does not lead to collapse but rather a potential weakening and the
assessment of theat weakening is a major economic and safety consideration

Recent examples of “partially” failed structures and structural elements in the earthquake in
Japan indicate that a general need exists for the evaluation structures which have been damaged
In the damage aftermath numerous examples of buckled structures which were still standing
showed that knowledge of the postbuckled strength could be of great benefit in safety
assessment, classical buckling distortions could be related to experimental studies which had
measured and led to the development of models Field measurement of the configuration of
meumfmmmlhwmwlmqmm
guidelines must be developed in this “new surveying ™

Through a few selected examples, the relationship has been between “experimentation™ and the
evaluation of “structures that have changed™ has been illustrated  An attempt has been made 1o show
thuﬂwduﬁcﬂlech:ﬁquaoflhehbommyunbcmmdedmlheﬁeldmdthnmywim
measurement is involved one has the essential element of experimentation  With the growth of
sophistication in analytical capability potential practical benefits require the need for more “real”
information through measurement Some industries have been dealing with this problem and have
provided insight for applications to other arcas. In dealing with aging, deteriorated and damaged
structures the paramount need for quantitative field assessment has been reinforced
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AN ANALYTICAL/EXPERIMENTAL VERIFICATION STUDY FOR LOCATING
DAMAGE IN STRUCTURAL SYSTEMS

John B. Kosmatka' and James M. Ricles’

ABSTRACT

A methodology is presented for detecting structural damage in structures by nondestructive
means. The procedure is based on using experimentally ed modes in conjunction with a
procedure that used vibratory residual forces and a weighted sensitivity analysis to estimate the
extent of mass and/or stiffness variations. The method was applied to a ten-bay space truss, and
is shown to accurately predict the severity of stiffness change as well as any change in mass for
Sfour different damage scenarios.

INTRODUCTION

Structural systems are susceptible to structural damage over their operating lives due to
impact, operating loads, fatigue, and corrosion. Undetected member damage can result in the
failure of the components of the structure, including fracture in tension or instability under
compression. Consequently, the structural system’s integrity and safety can become jeopardized.
In the past, numerous damage inspection methods and monitoring systems have been developed.
Examples include: x-ray: electron scanning: ultrasound; magnetic resonance imagery: coin
tapping: dye penetration; visual inspection. These methods tend to be time consuming for they
are local assessments, often requiring the exposure of structural elements to the inspector and
equipment for detecting damage.

As an alternative, and which forms the basis for the current study, is to recognize that
modal vibration test data (structural natural frequencies and mode shapes) characterize the state
of a structure [Ewins 1984], Therefore, modal data acquired at different periods during a
structure’s life can be used to distinguish whether change (e.g. damage) has occurred, by
comparing these data with a set of baseline data. Modal testing as a means of inspection has
many advantages, which lead to a reduction in schedule and costs. Included among these
advantages are that the direct exposure of the structural elements is not required while more of
the complete structure can be inspected in one modal test.

The past use of modal test data to locate structural damage has been utilized to evaluate
the integrity of offshore oil and gas platforms [Vandiver 1975; Coppolino and Rubin 1980],
composite laminates [Crawley and Adams 1979a], continuum structures [Adams et al. 1978,
Crawley and Adams 1979b; Park et al. 1988; Stubbs and Osegueda 1990], and recently large
space structures [Smith and Hendricks 1987; Chen and Garba 1988; Stubbs et. al. 1990). All of
this previous work have a severe limitation, for they are based on an approach that assumes the

' Associate Professor of Applied Mechanics, Department of Applied Mechanics and Engineering Sciences,
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system’s mass is constant and changes in vibration characteristics are associated with only
stiffness variations. Furthermore, these approaches do not account for variations in the mode
shapes, uncertainty in structural parameters, as well as instrumentation accuracy.

Presented in the current study is a new methodology for non-destructive detection of
damage in flexible structures [Ricles and Kosmatka 1992, Kosmatka and Ricles 1993]. This
methodology uses measured modal data along with a correlated analytical structural model to:
(1) first locate potentially damaged regions using residual modal force vectors (based on Chen
and Garba 1988); and then, (2) to conduct a weighted sensitivity analysis (based on Collins et al,
1974) to assess the extent of mass and/or stiffness variations, where damage is characterized as a
reduction in stiffness. The current approach is unique among all existing approaches, in that it
accounts for: (1) variations in a system's mass, stiffness, and center of mass locations; (2)
perturbations of both the natural frequencies and modal vectors; and, (3) statistical confidence
factors for the structural parameters and potential experimental instrumentation error. Results
associated with four structural damage configurations for a ten-bay space truss are presented.
These results illustrate the potential of the approach and serve to validate its reliability.

THEORETICAL BACKGROUND

The methodology for the nondestructive damage detection procedure is shown in Fig. 1,
where the algorithm is shown to consist of three main steps: (1) modal testing and correlation;
(2) location of potential damage regions; and, (3) assessment of the severity of damage. In the
modal testing and correlation phase, an experimental modal survey is performed on the baseline
(undamaged) structure to obtain measured system vibration properties A, which includes the
natural frequencies @, and modes shapes ®,. These measured properties are subsequently used to
develop a correlated (baseline) analytical model using a system identification technique, which is
similar to that for assessing the severity of damage and will be discussed more later. The
corresponding analytical vibration properties are noted as A, and include modes shapes (®,) and
frequencies (m,). This analytical model is used as a basis for comparison in the remaining two
steps of the algorithm. The second step of the algorithm involves conducting a modal survey on
the structure after it has been in service, in order to measure the vibration properties A, which
includes natural frequencies w, and mode shapes ®, The subscript d is used to designate the
structural configuration that includes the potential damage. The properties A, are used to identify
regions in the structure where potential damage is located. The final step in the procedure is to
assess the severity of damage, by calculating structural parameters r, in damaged regions using a
sensitivity analysis. The sensitivity analysis involves the use of the vibration properties A, and

A,

The selection of modes that are used to develop the correlated analytical model are based
on three criteria: (1) a smaller frequency Am between A, and A, compared to A, and A (2) a
superior set of modal assurance criterion (MAC) values between A, and A, compared to A, and
A,; and, (3) an adequate cross-orthogonality vector check (COR) between A, and A, Considering
the ith mode, and A, and A, the frequency shift and MAC values are:

b = (), ~ (), M
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MAC, = @

and for all modes
COR= &M, 0, 3)

in which M, is the analytical mass matrix, and j the instrumentation measurement location in the
modal survey. The assessment for A, - A, is performed by replacing A, with A, in Egs. (1)
through (3). The first criteria (e.g. Eq. (1)) is sometimes difficult to satisfy, and can be omited if
the MAC and cross-orthogonality vector check values are supenior in nature.

Location of Damaged Regions

Identifying the location of damage in the structure is based on differences in measured
modal properties (A,) and the baseline (A) values through the use of an extended application of
the residual force method [Chen and Garba 1988). In concept, the experimental natural
frequencies and modes shapes must satisfy an eigenvalue equation, where considering the ith
mode of the potentially damaged structure

(xd -~ L¢IM.,h1 =0 @)

in which K, and M, are the experimental (unknown) stiffness and mass matrices associated with
the damaged structure, respectively, and A, is the experimental measured eigenvalue
corresponding 1o the experimental measured ith mode shape ¢, of the damaged structure.
Assuming that the stiffness and mass matrices associated with the damaged structure are defined
as

K =K, +AK (Sa)
My=M, +AM (5b)

where K, and M, are the baseline stiffness and mass matrices of the analytical model,
respectively, and AK and AM are the unknown changes in the stiffness and mass matrices as a
result of damage, respectively. Substituting Eq. (5) into Eq. (4) and rearranging, one arrives at
the definition of the residual force vector for the ith mode (R ):

R, --(Ax-x.,‘m)\,‘ (6a)
= (K, =AM, oy, (6b)

where the right-hand side of Eq. (6b) is known and will only be equal to zero if A, and ¢, arc
equal to the undamaged values of A_ and ¢_, respectively. Regions within the structure that are
potentially damaged correspond to the degrees of freedom that have large magnitudes in R, It
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should be emphasized that one should calculate the residual force R, using a number of different
modes, for if a damaged member is located near a node line, then the modal displacement is near
zero and the residual force will also be near zero.

Magnitude of Damage Severity

The magnitude of the damage severity is determined by establishing a relationship
between the measured vibration characteristics and the structural parameters (member mass,
stiffness, and section geometry) in the damaged region using a first-order Taylor series
expansion:

Ad-Ao+1'{rd-ru)+e M

where A, and A, are arrays containing the selected experimental measured natural frequencies
and mode shapes of the initial (undamaged) and damaged structures, respectively, [A" = (@' ®)'];
r, is an array of the unknown structural parameters in the damaged region; r, the array of the
initial (known) structural parameters in the same damaged region; and € an array containing the
values of testing error associated with each measured parameter (i.e. mode shape amplitudes and
natural frequencies). The matrix T is a sensitivity matrix that relates the change in the structural
parameters to changes in the vibration properties (natural frequencies and mode shapes):

o | (2K
dK dM r

T= a0 30 || am (8)
oK oM | | ar &

where the subscript 0 is associated with the initial (baseline) configuration. The four submatrices
in the first matrix of T represents partial derivatives of the eigenvalues and mode shapes with
respect to the coefficients of the system’s stiffness and mass matrices, whereas the second matrix
of T represents the partial derivatives of the stiffness and mass matrices with respect to structural
parameters .

The derivatives of the cigenvalues and modes shapes are determined using the
experimentally measured vibration properties of the initial (undamaged) structure A, and baseline
analytical mass matrix M,, where for mode k and considering instrumentation points i and J it can
be shown [Collins et al. 1974, Fox and Kapoor 1968, Nelson 1976]

L.
aKu_% (9a)
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in which g is the number of retained modes in A, for the assessment and » is the index to identify
the mode number. For structures having repeated natural frequencies, the calculated eigenvector
derivatives of Egs. (9b) and (9d) are no longer valid and one must use an approach developed by
Mills-Curan [1988).

The goal of the damage severity assessment is to determine r, in Eq. (7). This is
accomplished by first treating the difference (r, - r,) for all structural parameters as normally
distributed random variables, having a zero mean and a specified covariance S, to deal with the
uncertainty in the damage assessment. Treating the test measurement error also as a random
variable with a zero mean and specified covariance §,_ leads to the solution for r, from [Collins et
al. 1974] as

r= o+ SiT(TSiT" + 5] (Aa-Ao) (10a)
where

= =
S = Sun - SeaT [ TSeaT" + Sy] TS (106)

Values for the diagonal terms (e.g., variances) in 8, are assigned in conjunction with the results
of the residual force analysis and all off-diagonal terms are set equal to zero. Only those
members suspected of damage are given nonzero variances, und therefore these are the only
members that are emphasized in the damage severity assessment. Hence, the diagonal terms in
S, are in effect weighting factors for the sensitivity analysis. In the current study, all suspected
members with damage were given equal variances of a value of 1.0. It should be noted that
uncertainties associated with the structural parameters of the analytical model can also be
considered by assigning nonzero variances. The matrix §_ is usually treated as diagonal since the
measurement errors are statistically independent. The magnitude of the diagonal value of §_ can
sometimes be difficult to estimate, and it is important to be conservative.

If the relationship between the stiffness and mass components and the structural system is
linear, the current method [Eq. (10)] will converge in one step. However, the partial derivatives
of the eigenvalues with respect to the stiffness and mass coefficients are nonlinear if enough
damage has occurred to cause a significant frequency shift, as illustrated in Fig. 2a. To obtain a
more accurate assessment of the severity of damage, it is necessary either to continuously
monitor the system or to use the correlated analytical model to update the damage assessment to
converge to A, as illustrated in Fig. 2b, where the subscripts 0, |, and 2 refer to the linearization
points during updating. Each update involves evaluating Ar, = r, - r,, which represents the change
in the structural parameters where r, is from Eq. (10) considering the current structural state of r,
=r,T=T,  and A, = A, Here r is the current value for the structural parameters, which reflects
the accumulated changes from the previous updates and T, is the sensitivity matrix based on the
vibration characteristics of the updated baseline analytical model (or in the case of an on-line
monitoring system the measured characteristics at that time point). Convergence is achieved
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when Ar, during an update becomes less than the tolerance for convergence, with the predicted
extent of damage equal to the sum of Ar, for all update cycles, as indicated in Fig. 2b.

EXPERIMENTAL STUDY

A light-weight ten-bay statically indeterminate space truss consisting of 135 members
and 44 joints (see Fig. 3(a)) was constructed. Each bay had outer dimensions of 356 by 356 mm,
with the truss having an overall longitudinal length of 3327 mm. The members of the truss were
fabricated from Aluminum tubing, having a nominal outer diameter and thickness of 19 mm and
4.8 mm, respectively. Each truss joint included a 25 mm diameter Aluminum ball, having 16 pre-
drilled and tapped holes to accept threaded aluminum axial pins. The connection of a truss
member to a joint was made by placing a tight fitting hollow truss member over an axial pin
threaded into the joint, as shown in Fig. 3(b), using two set screws to secure the truss member to
the joint. This method of construction was used because it enabled the truss geometry to be
accurately controlled, while eliminating any initial internal member forces that could be present
as a result of assembly. In addition, it permitted members to be casily replaced without
disassembling the entire truss,

The boundary conditions imposed were that of a free-free support. This was achieved by
suspending the structure horizontally from a test frame using elastic surgical tubing (weighing
1.68 gr/mm) which was attached to axial pins threaded into four truss joints (see Fig. 4).

Damage was simulated in the experimental model by altering Member A, which was a
horizontal member in an end bay (see Fig. 3(a)), or its joints, resulting in four different
experimental set-ups. These four cases of damage included:

Case A - The set screws that securely held Member A to the joints were loosened,
so that the member was free tp rotate on the axial pin of the joint and could only
transmit compressive loads. This test simulated damage to the joints of a
structure.

Case B - Member A was replaced with another Aluminum member, where this
member had a series of four cross drilled holes of 12.5 mm diameter to reduce
both the member's axial and bending stiffness. The new member was firmly
attached to the truss joints, This test simulated damage to an individual member.

Case C - Member A was replaced with a hollow copper member, which was
firmly attached to the joints. This test simulated damage to an individual member,
where the copper member had a different axial stiffness, bending stiffness, and
mass than the original Aluminum member.

Case D - A concentrated lead mass (58.7 grams in weight) was added to the mid-
length of Member A. This test was intended to produce a reduction in measured
natural frequency, as in the above three damage cases. The results of this test were
used to validate the robustness of the current approach (e.g., assess whether the
procedure can identify the difference between a change in localized stiffness and
“~alized mass).
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EXPERIMENTAL RESULTS

The modal testing was performed using a small Kistler accelerometer, weighing 0.5
grams and placed at the far end of the truss in the Y-direction (see Fig. 4), along with a PCB
modal impact hammer and a 16 channel Tektronic spectrum analyzer to record and process the
input and output signals. The structure was excited in the X-Y-Z directions, whenever possible,
using the modal hammer at each of the joints. At least 10 averages were taken at each excitation
point during modal testing in order to minimize uncorrelated noise. The quality of the measured
frequency data was assessed using the coherence functions, which were consistently above 0.95
at the modal peaks. A typical transfer function is plotted in Fig. 5, where the first two lower
peaks near the frequency of f= 97 Hz, are associated with the first two bending modes. The
second peak in the transfer function at 136 Hz. corresponds to the first torsional mode, while the
wide set of peaks in the range of 220 to 230 Hz. includes the second torsional mode along with
the third bending and first axial modes. The peaks above a frequency of 250 Hz. are associated
with local member modes.

The SMS STAR Modal software package [STAR 1991] was used on an AST/386
computer o reduce the measured data to acquire the frequency response functions. A modal
peaks search was performed on the data as well as a visual inspection to locate all possible
modes. The data was then banded and curve fit in order to extract natural frequency and mode
shape information for all of the configurations. Using the measured baseline modal information
and the analytical finite element model, the Young's modulus (E) for the truss members and the
mass of the truss joints (m) were determined by performing a separate global sensitivity analysis
(i.e. model updating). The convergence criteria which was utilized involved requiring that the
first bending mode of both the experimental and analytical models were nearly identical, while
attempting to minimize the amount of error in the higher modes. The resulting values for E and
m were 64,516 GPa and 629.9 kg, respectively.

In the current study, the residual force calculation damage severity assessment was based
upon the modal information from the first-two bending and torsional modes. These four modes
were selected over the higher frequency local member modes because they exhibited global
deformation behavior having a measurable amount of strain and Xinetic energy in each of the
truss members, The experimentally measured natural frequencies of the first four modes,
corresponding to the first and second bending and torsional modes, respectively, are presented in
Table 1 for the baseline (undamaged) truss structure (see column 2) and for the four damage
cases (columns 5 to 8). The subscript 0 and d are used 1o designate the measured frequencies for
the baseline and damaged models, respectively. The baseline case includes results from both an
uncorrelated and correlated analytical model with respect to the first four experimental measured
modes (see columns 3 and 4). The subscripts a,u and a,c have been used to designate frequencies
from the uncorrelated and correlated analytical models.

The finite element analytical model of the three-dimensional space truss was developed
using MSC PAL/2 [MSC 1987], where each truss member was modeled using a beam-type
clement, and the joints were modeled as discrete (lumped) masses. The resulting model had 132
degrees of freedom. The natural frequencies ®, and modes shape @, of the analytical model were
calculated by performing an eigenvalue analysis of the free-free structure.
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The MAC values and COR result associated with the uncorrelated as well as correlated
baseline analytical models are summarized in Tables 2, 3 and 4. These results indicate that an
excellent agreement exist between the experimental results and the uncorrclated as well as
correlated models’ first-four modes, The residual forces associated with the X-axis (longitudinal
axis) for the uncorrelated analytical model are shown in Fig. 6(a). Residual forces are seen to
exist at all measurement points which indicate the possible need to further update (e.g., correlate)
the analytical model, The results of this update is shown in Fig. 6(b), where the residual forces
have become very small.

Using the calculated residual force vectors and previously described sensitivity method,
the change in the stiffness and/or mass of the individual truss members for each of the four cases
of damage was performed. In the current study, the variables in the sensitivity analysis included
the Young's modulus E and mass density p for each of the 135 truss members, It was further
assumed the test measurement error matrix S, was taken as the identify matrix (e.g., full
confidence in all data). Carrying out the sensitivity calculation for the four altered set-ups
produced convergence after a few iterations, where the change in stiffness and mass was
negligible for all members except Member A.

The residual forces for the four cases is shown in Figs. 7 to 10, which are based on the
uncorrelated analytical model, For Cases A, B, and C the X-axis forces are shown, while for
Case D the Y-axis (vertical direction) are shown. In each case, larger residual forces are shown to
exist at nodes 4 and 12 compared to the other nodes, as well as the baseline results shown in Fig.
6. Note that the vertical axis scale in Figs. 6 to 10 varies in order to accommodate the magnitude
of the residual forces for cach case. The residual forces for each mode associated with the first
three damage cases are shown to be paired, where a modal residual force at node 4 is equal and
opposite 1o that acting at node 12. The relatively larger paired residual forces at nodes 4 and 12
indicate that Member A, which spans between these two nodes, has developed damage. For the
fourth case, Case D, large peak residual forces are shown to exist at nodes 4 and 12, indicating a
change has occurred in the region of member A. Thus, even though the analytical model is not
completely correlated to the baseline experimental results, the residual force vectors are able to
locate the regions within the truss containing damage associated with stiffness and/or mass
change.

The percent change in stiffness (E) and mass (p) for Member A in relation to the baseline
values are presented in Figs. 11 to 14 as well as Table 5 for the four cases of damage. The actual
change in the mass of Member A for each setup (e.g. Cases B, C, and D) was determined by
weighing the member, whereas the actual change in stiffness of Member A (Cases B and C) was
established by performing a modal analysis on the individual member suspended in a free-free
state to determine its vibration properties, from which the stiffness (E) could be calculated.

For Case A, which is the loosened screw set that attached Member A, the calculated
sensitivity values (E, p) plotted in Fig. 11 show a small reduction only in stiffness (E). None of
the other members were found to have neither a change in mass nor stiffness. The reduction in
stiffness was obtained in a single iteration. Thus, the approach is able to locate damage, such as a
loose joint, on a truss structure and estimate its effective stiffpess reduction, even with analytical
models which are not completely correlated to a baseline experimental model.
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For Case B (see Fig. 12), which involved replacing Member A with the cross-drilled
Aluminum member, it is observed that the current approach does an outstanding job in
estimating both the actual reduction in member stiffness and mass of -38 percent and -10 percent,
respectively. The correlated model predicts closer to the actual results, being within 1 percent for
both stiffness and mass reduction. The uncorrelated model produced results within 7 percent and
2 percent for stiffness and mass reduction, respectively. The results of the sensitivity analysis for
Case C, involving replacing Member A with a copper member, are shown in Fig. 13 and indicate
that the current approach does an outstanding job in estimating the large actual change in mass of
Member A (+28 percent) relative to its stiffness (+0.9 percent). The correlated model does a
better job than the uncorrelated model, where the former is within | percent and 1.5 percent of
the actual change in mass and stiffness, respectively, of Member A. The uncorrelated model
estimates a change in mass and stiffness of Member A that is within 2 percent and 4.6 percent,
respectively, of the actual change. It is noted that for both Cases B and C that more iterations are
required until convergence occurs. This phenomena is associated with the simultancous change
that occurs in both the mass and stiffness for these two cases.

For Case D, involving the addition of a discrete mass to the mid-length of Member A, it
is observed in Fig. 14 that the current approach converges towards the exact solution for a change
in mass of 120 percent and within 1.6 percent of the actual stiffness change of 0 percent for
Member A when the correlated analytical model is used. The uncorrelated model converges
towards a solution that is within 10 percent and 2.1 percent of the actual change in mass and
stiffness of Member A.

CONCLUSIONS

A methodology for detecting structural damage has been presented. Experimentally
obtained measured modal test data along with an analytical model are used to first locate
potentially damaged regions of the structure using residual force vectors. The test data and
residual force vector information is then used to conduct a sensitivity analysis to assess the extent
of mass and /or stiffness variations. The current approach is unique among all existing ones in
that it accounts for (1) variations in a system's mass, stiffness, and mass center locations; (2)
perturbations of both the natural frequencies and modal vectors; and, (3) statistical confidence
factors for the structural parameters and potential experimental instrumentation error.

Based on a verification study involving a three-dimensional 10-bay space truss, the
following conclusions are noted:

(1) The method is able to successfully determine the location of potential damage, as
well as estimate its magnitude. The approach works exceptionally well, even if the frequency
shift due to damage is small.

(2) A simultancous determination can be made of any changes in both mass and
stiffness.

(3) A fully correlated analytical (finite element) model is not necessary in order to obtain
a reasonable solution. Modal assurance criterion (MAC) values and a cross-orthogonality check
(COR) can be used to determine which modes to utilize in the approach. However, an increased
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correlation of the analytical model to the baseline improves the accuracy of the method in
estimating the severity of damage.
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Table 1. Natural Frequencies of Experimental and Analytical Models,
Natural Frequency - f(Hz)
Baseline Model Experimental Model
Mode | Measured LUncorr. Anl] Corr. Anl | Case | Case 2 Case 3 Case 4
f, L A f, f, £ f,
I 96.76 102.60 99.20 94.45 90.77 96.10 94 88
2 98.46 104.04 101.10 95.76 93.10 98.21 97.13
3 136.05 150.60 140.70 130,76 127.34 135.61 132.10
4 220.60 310.10 235.20 210.16 210.51 218.30 222.10

Table 3. Cross-orthogonality Check - Measured and Uncorrelated Baseline Finite Element Model.

Table 2. Modal Assurance Criteria (MAC) Values - Case A.

MAC
Mode 0.0, 0.0, 0.9,
1 0.999 0.999 0.999
2 0.998 0.999 0.998
3 0.996 0.998 0.995
4 0.995 0.995 0.993

FEM ¢
Mode 1 2 3 K
| 0.996 0.001 0.003 0.006
M dé, 2 0.002 0.996 0.004 0.008
3 0.002 0.004 0.961 0.010
4 0.004 0.006 0.012 0911

Table 4. Cross-orthogonality Check -

Measured and Correlated Bascline Finite Element Model.

FEM ¢,
Mode 1 2 3 4
1 0.999 0.001 0.001 0.003
Measured 6, 2 0.001 0.999 0.002 0.002
3 0.002 0.002 0.988 0.004
4 0.002 0.002 0.006 0.963
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Table 5. Percent Change in Stiffness and Mass of Member A of Actual Experimental Model and
That Calculated by Sensitivity Analysis

Actual Sensitivity Analysis
Experimental Uncorrelated Model Correlated Model
Setup __|Stiffness (%)| Mass (%) |Stiffness (%)| Mass (%) |Stiffness (%)| Mass (%)
Baseline 0 0 0 0 0 0
Case A n/a 0 .675 0 0475 0
Case B -38 -10 -45 -8 -39 -9.75
Case C +0.9 +28 -3.7 +26 -0.6 +27
Case D 0 +120 +2.1 +110 +1.6 +120

Initial Modal Testing
* Modal Baseline Survey - A,
s Correlated Analytical Model - A,

In-Service Modal Survey - A,

Locate Potential Damaged Regions
Using Residual Forces R.

'
Assess Severity of Damage by
Calculating Structural Parameters r, in
Damaged Regions Using Sensitivity
Analysis.

Figure 1 Damage Detection Algorithm
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(a) (b)

Vibratl
Char. Char. -

Paramater "

Structursl
d 0 Parameter

Figure 2 (a) Linearization of The Nonlinear Vibration-Structural Parameters
Relationship, and (b) Updating to Obtain Convergence.

(b)

Figure 3 Ten-Bay Space Truss for Experimental Study: (a) Structural Configuration,
and (b) Joint Assembly Detail.
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Figure 4 Experimental Test Setup.
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Figure 5 Transfer Function Plot for Ten Bay Space Truss.
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Abstract

The paper describes the structural damage caused to two steel bridges situated near the City of
Basrah in the south of Iraq, as a result of several direct air strikes during the Gulf War of 1991,
One of the bridges is a through type truss railway bridge and the other a deck type highway
bridge, both were rotatable for navigational purposes. In addition 10 severe component damage,
the overall stability of both bridges was seriously endangered. The paper describes the strategy
formulated and adopted for the repair and rehabilitation of each facility operating within severe
constraints On resources,

1. AL-FAYHA RAILWAY BRIDGE

1.1 Brief Description of Bridge

This 2-track railway bridge is situated 30 kms west of Basrah and spans the Shau A-Basrah
waterway. The bridge which has a total length of 238 m consists of 10 spans : 2 centeal spans of
steel truss type with span length of 38.7 m and 8 spans of prestressed concrete deck construction
of length 20.00 m each which are symmetrically disposed on both sides of the steel spans. see
fig.1.1 .The 2 steel spans form a 77.4 m long continuous steel bridge which is rotatable about the
central pier for navigational purposes. The steel bridge comprises 2 main lohgitudinal side trusses
placed at 10500 mm apart, a deck floor of cross and logitudinal beams and a system of top level
bracing . The chord members have box sections of typical dimensions S50 x 800 mm made of
16-20 mm thick plates. The verticals, diagonals and bracing members are of fabricated 1 sections
of typical dimensions 500 x 500mm. The truss joints contain some 22000 high strength friction
grip bolis. The sub-structure consists of solid R.C. wall type piers except for the central pier which
is a hollow cylinder having a mean diameter of 12 m . The roof slab of this pier acts as a platform
which houses the equipment for supporting and rotating the bridge. The pier extends down to
river bed level and like all the other piers is founded on 1000 mm diameter bored piles.

1.2 Damage Due to War

Al least 4 air to surface missiles hit the bridge causing extensive damage 0 2 concrete spans,
namely spans 3 & 7 and to piers PS, P6 as well as 1o the steel spans. OF interest here is the
damage caused to the steel spans and to their supporting piers PS (the central pier) and P6 . This
damage, caused by 2 missile hits, is briefly described here, with reference (o Fig. 1.2 in which
discontinuous lines indicate seriously damaged members, and to the pictures in Figs. 1.3 10 1.7
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The first missile hit was near the span end at pier P6. The force of impact against the steel
members and subsequent explosion on impacting pier P6 caused the following : loss of members
1'=2',1'-3' on the downstream side, loss of the end cross beam on axis 1" as wellas of 3 - §
m lengths of 5 longitudinal beams close to that axis. The hit caused severe disintegration of pier
P6 and the resulting wide vertical cracks extended fully down through the pile cap. Subsequent
demolition of the pier and examination of the pile heads showed that these had been displaced by
amounts varying from 370 to 2080 mms.

The second missile impacted the steel bridge near axis 7 on the upstream side before reaching and

exploding against the cylindrical central pier. The entire pier was toppled and a large hole of

approximate size 3 x 4 m was created in its wall at the water fine. As a result of that and of the

serious damage in the vicinity of pier P6, the two span truss bridge suffered gross dislocation . It

rested critically on pier P4 and on the toppled central pier with a longitudinal tilt that caused the

bridge end near pier P6 to descend about 8.0 m from its normal position. A transverse tilt of 10

% was also produced across the deck. The damage to the steel bridge resulting from the second

hit can be summarized as follows :

. Extensive tearing and / or twisting of members 6-7, 7-9, 5-7, 8-7 and 8-9 on the upstream side.

. Twisting of bottom flunge and web of the cross beam at axes 7, 12, and 4'

. Out of straightness in the upper downstream chord with a lateral displacement of 140 mm
principally caused by a lateral kink at joint No.5. A similar situation was found to exist in the
upper, upstream chord with a max. lateral displacement of 125 mm .

The two missile hits also caused rupture and connection failures in more than 50 % of the top
bracing members as well as numerous local damages including shrapnel holes o several members.

1.3 Repair Strategy
1.3.1 Overriding Constraints:

The severe post Gulf War conditions created correspondingly severe constraints on material
resources. That had a strong impact on the formulation and the implementation of the solution, .
The possibility of dismantling the bolted steel truss bridge to straighten up or replace every
member neatly was ruled out, as it was impossible to replace the 22000 bolts involved. [t was also
quite unfeasible to replace full lengths of damaged members due to scarcity of steel plates and
sections, The shortages also extended to jacks and related equipment .Such was the task and the
inherent challenge.

A separate basic issue conceming the working environment had 1o be addressed from the
beginning as it had an impact on the approach to solving other issues. This was whether 1o work
in a water environment or on dry land by filling across the waterway, This choice was possible
because the walerway was inactive at that time due to the damage caused during the Gult War to
navigational locks further downstream. Working in a water environment would have the
advantage of making it possible to load the whole of the truss bridge onto two large pontoons and
to move it o a suitable location downstream or upstream for repair using the pontoons as
workshops allowing, in the meantime, work to proceed on the central pier. Such disengagement
of functions could shorten completion time considerably. In this case however, a dry enclosure
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must be formed by, say, sheet piling around the toppled pier. Working in dry conditions . on the
other hand would eliminate the need for the scarce sheet piles and enable easier access and
waorking conditions. A detailed appraisal of the two alternatives taking into account. availability of
resources and the logistic problems of bringing in large pontoons, led to a decision in favor of
filling the waterway and working in the resulting dry environment.

In considering the major stages of work, stabilizing and lifting the truss bridge clear of the
damaged piers was an important critical first step in the re-construction effort. Concluding that
successfully would enable work 1o start on the supporting piers. The stabilizing and lifting task is
briefly described later.

1.3.2 Objectives of Steel Repairwork:

1. The achievement of structural siability throughout the various phases of repair, and the
assurance that while a member is being replaced or repaired the others are not over stressed,

2. The achievement of an acceptable geometry (i.e. alignment and levels) in the final structure.
The question arises here as o what is an acceptable geometry. In a simply supported span an
acceptable geometry is principally provided by a functionally and aesthetically suitable profile. In
statically indeterminate construction the geometry must also produce the intended distribution of
reactions between the supports. In the present case, where the bridge must retain the capability 1o
rotate , a further requirement exists, namely the assurance that the repaired bridge can disengage
frecly from the end piers and rotate in a true horizontal plane about the central pivot.

1.3.3 Technical Criteria for Repair :

In considering a damaged component a criterion had 1o be established as 1o what constituted an
acceptable deviation from stmightness, planarity and squareness and what did not. Review of
available technical literature showed how very few norms existed to aid in this kind of situation.
Eventually it was decided to adopt the tolerance limits given in BS 5400 Pan6 .

The next step was (o decide on the action to take with respect to a component that did not
conform to the adopted tolerance limits. Replacing a damaged component with a new one would
be the easiest and safest course of action to tke. But in view of the scarcity of material resources,
that option could only be invoked if there was no aliemative. Although some wechnical standards
permit the use of limited heating for repair, this procedure was not followed here due to the
difficulty of closely monitoring and enforcing the max. limit on temperature. Cold pressing of
gentle curves was permitted. Components containing sharp kinks or other severe local
deformations were identified and marked for replacement. Due to scarcity of bolts, cuts had to be
made outside the balted joints and weld connection details had to be elaborated to transmit the
intemnal forces, paying due attention to residual effects and fatigue rating.

Quality control of fabrication and welding in particular was considered critical for the success of
the whole repair effort. Only welders with recognized qualifications were employed.
Radiographic testing was extensively used. Regions involving welding of 40 mm or thicker plates
were given post-heat treatment using electric heating coils. Hardness of the heat affecied zones
was measured before and after the heat treatment in order o verify the adequacy of the treatment.



1.4 Stabilizing and Lifting the Truss Bridge

A careful study was made of the damaged state of the members and of the way the hridge lay and
was supported, in order to determine the most suitable method of lifting it, considering overall
stability and stress levels in members. Consequenily it was decided to support and subsequently
lift the bridge at the two axes 7 and 7' . However this required strengthening, temporarily, key
elements of the damaged truss such as chord elements 6-7, 7-9 diagonal elements 5-7 and 8-7 and
vertical element 8-9, all on the upstream.

The arrangement for supporting and lifting the 800 ton bridge consisted of introducing steel
girders  transversely underneath the bridge at axes 7 and 7' to support the upstream and
downstream trusses at their lower chords. The steel girders were end supported on groups of 6-
700 mm dia whular steel piles which were driven just outside the overlying steel bridge. The
contact detail between the lower chord box and the supporting girder incorporated a curved
bearing which protected the contact surfaces from damage due to ¢ d point action, The
support arrangement of the lifting girders at each pile group involved a bearing beam assembly
which accommodated a jack and two temporary supports, The latter were used (o support the
load emporarily while the jack was being reset as it came to the end of its stroke, For stability
reasons the height of the temporary supports was limited 1o about 1000 mm and represented a
sub-stage in the jacking up process. Al the end of each sub-stage the bearing beam assembly was
re-installed at a higher level on brackets projecting from the pile assembly, ready for the next
series of sub-stages.

Prior to commencing the jacking up process precautionary measures had to be taken to stabilize
the bridge longitudinally by tying it 1o the pier P4 by sweel wire ropes which incorporated
adjustable tumn-buckles. This was particularly necessary as the jacking up proceeded to the stage
when the bridge was disengaging from the central pier which had been providing the restraint
against longitudinal sliding. The tension in the wire ropes was continually maintained during the
Jjacking process.

The transverse tilt of the bridge was first targeted for correction by operating the jacks on the
lower (upstream) side, during which process temporary retracting jacks were operated on the
downstream side.The jacking up process, especially for correcting the longitudinal tilt, proceeded
slowly but quite smoothly . There was a point of some anxiety, however, when the steel bridge
was about to disengage from the central concrete pier. The two were entangled in a complicawed
way and it was necessary 1o ensure that they separated without causing abrupt forces that could
endanger stability. This was done by breaking the concrete at the junction using hydraulically
operated pneumatic hammers, that worked their way around the entangled pants. The whole
bridge was eventually raised to a horizontal level, see Fig.1.8 . The raised level was 1.0 m higher
than the final correct level in order to provide enough room for re-constructing the central pier.

1.5 Phases of Steel Repairwork :
To meet the objectives of the repairwork, it was important to recognise the need for careful

planning of the work into phases such that the work of each phase did not adversely affect the
repair objective of the other phases. To rectify the lateral kink in the two upper chords for
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example, it was important that the upper level horizontal bracing was just adequate for stability of
the chords yet was as flexible as possible in order 10 enable the required repair to be carried out
with manageable repair jacking forces, and min induced residual stresses. With considerations
such as this in mind the main phases of work were :

Phase 1 : Fabrication and erection of the bridge end members near pier P6 in order 10 establish a
support capability on the re-constructed pier.

Phase I : Rectification of the out of straightness in the upper chords,

Phase [I1 : Expanding the structural support system of the bridge from that initially established
along axes 7 and 7' by introducing 14 other supports which had two aims :

1. Ensuring stability of the bridge as a whole and in part and maimaining acceptable levels of
stresses as key members near axis 7 were replaced.

2. Providing the means to adjust the levels ( profile ) of the bridge before erecting and welding
into paosition the key truss members near axis 7. Failure to make this adjustment would resull in a
geometric configuration that does not allow the bridge to function as a rotating bridge. This phase
had to be performed after completing the re-construction of piers PS5 and P6 and lowering the
steel bridge down to these and onto pier P4, The expanded support system comprised IR

supports as follows:
4 permanent supports along axis 12 on the central pier
2 N N * each of piers P4 and P6

2 wemporary supports introduced by transverse girders at each of axies 4,7 and 7'
2 emporary supports over the central pier at each of cross beams 10 and 10/

1. Introducing temporary strengthening to the upstream truss around node 7 to enable the phased
replacement of the damaged key members around that node.

2. Implementing the phased replacement of the damaged key members around node 7 and
removing the temporary strengthening .

3. Completing the bridge repair, including main Moor members and upper level bracing .

Phase V_: Restoration of position, alignment and level of steel bridge and anchorage to bearings .

1.6 Structural Analysis for Field Repair & Erection :

The analytic basis for achieving the desired final levels may be clarified with the aid of schematic
representation shown in Fig.1.9 |

Curve | represents the deflected shape of the undamaged structure having overall stiffness K,
under dead weight .

Curve 2 represents the deflected shape of the damaged structure, having a reduced overall stiffness
K3 ,under dead weight.

Applying the forces Pj where j is typical of the n jacking points, causes a deflection V; at
support point i, and leads to the modified geometry represented by curve 3. The repair work is 1o
be carried out at this geometry , therehy upgrading the stiffness from Kz o K. The structure
must be locked at that geometry.In the present case this is done by the proposed emporary
strengthening around node 7. If the temporary supports are now removed, i.e. applying Pj in the
reverse direction a corresponding deflection Vo at support point i will result indicating retumn 1o
the original geometry ( curve 4 ). Putting the above in symbaolic form :
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Where Cjj and Djj are the deflection coefficients associated with the damaged and initial
:uffmmen K3 and ih respectively and v; is the additional self weight deflection at point i caused
by the drop of stiffness from K| to K7 as caused by the damage.

Now in order to repair the key members close to axis 7, the bridge had to be lowered down and
supported on the central pier ulong axis 12 yielding n = 14. These supports represented reaction
points and the quantities Cjj , Djj and vj were calculated by stiffness analysis for such boundary
conditions. Evaluating the unde ormed stiffness K) was standard enough, but evaluating the
stiffness K3 of the damaged state required paying careful attention to modeling the residual
stiffness of a partially damaged member ; say a box or an | section with a partial damage to a web
or to a flange along part of its length . The models were tested by comparing calculated values of
vj with observed values in order to assure that important modeling errors were not made.

The solution of the 14 simultaneous equations (4) gives the forces Pj that would bring the n pre-
selected points back to the original (undeformed) configuration.Al this point 2 remarks merit
specific mention, The first concems the number of points n. In order to get the bridge back to the
original geometry everywhere, an infinite number of points with applied forces would be needed .
Hence a practical sitwation calls for a prudent selection of the salient points which should fall on
the required profile. Bridge bearing points are amongst such points. The second remark concerns
the nature of the numerical results. Different trial runs showed that the P forces were guite
sensitive to the prescribed displacements. A trade off has had to be made between accuracy of
levels and the magnitude and sign of the forces that could be supplied by available jacks. Such
tradeoff eventually led to a manageable set of jacking forces having max value of 350 tons. Upon
final setting of the bridge on its central bearing the cantilever deflections at piers P4 and P6 were
found to deviate by not more that 20 mm (representing 15%) of the designated values in the
original design. The magnitude of this deviation was well within the tolerance limit of 75 mm that
would impede deck rotation.

1.7 Position Restoration of the Steel Bridge :

Upon completion of the steel bridge repairs the final task was to restore proper location and
alignment. The center of the bridge had to be moved 270 mm longitwdinally, 570 mm laterally and
be rotated about 4 degrees about the central pivot . A system of 150 mm diameter steel rollers
was designed and manufactured from hardened steel for this purpose. The horizontal movements
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were produced by horizontal jacks of up to 100 ton capacity reacting against steel frames which
had been constructed and anchored into the concrete of piers PS and P6 for this purpose. The
same rollers were used in producing orthogonal movements by raising the whole bridge on the
central pier by 500 ton jacks and wming round the rollers. The bridge was finally anchored down
to a set of porary bearings pending their future replacement by the pivot and wedge bearing
units that would then form part of the bridge rotating equipment , see Fig. 110 & 1.11 .

That concluded the last major step in a re-construction effort that started in July 1992, The
bridge passed a load test with a 94 % elastic recovery and was re-opened on Dec.28, 1993
Periodic inspections since then have shown no signs of problems.
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2. FIRST GARMAT ALI HIGHWAY BRIDGE

2.1 Brief Description of Bridge

This bridge is located just to the north of the southern City of Basrah on Garmat Ali, a wibutary
of Shatt Al-Arab River. The 407 m bridge consists of 9 - 37 m long simply supported prestressed
concrete spans and 2 central navigational continuous twin steel spans, of total length of 74 m, see
Figs 2.1 & 2.2 . The steel spans basically consist of 2 longitudinal girders , cross beams and a
deck plate which is longitudinally stiffened by trough stiffeners. The steel construction comprises
7 segments of shop fabricated welded construction, except for the bolied cross beams. The
segments were site bolted on erection. The steel spans are supported on to the central pier
through a 10500 mm dia 1100 mm deep circular steel girder which had a wming capability on a
circular rail  mounted on top of the supporting central pier. The two supporting end piers which
are wall type and the central pier which is a hollow cylinder are of reinforced concreie
construction and are founded on 1000 mm diameter vertical and inclined piles.

2.2 Damage Due to War

The bridge was hit by several air to surface missiles which caused serious damage to two concrete

spans and to the steel spans. Attention is confined here to the steel spans The damage 1o these

was caused by a single missile hit which penetrated the web of the circular steel girder and
exploded in the space enclosed by that girder ; a space which housed the rotating mechanism of

the bridge. The resulting damages may be summarised as follows, see Fig. 24 & 25 .

. Destruction and twisting of the hydraulic jacks and other mechanical equipment ,

. Complete derailment of the circular steel girder and hence the whole of the steel bridge (sieel
spans) from its proper location on the central pier.. The demilment and side shifi caused an
overall body shift of the steel bridge horizontally and vertically as well as a lateral tilt of the
deck about 20% .The horizontal shift at the central pier was 1750mm and at one pier P8 was
3750mm.The configuration of the steel bridge considering the way it was supported was quite
unstable .

. Bulging of the web of the circular girder in many locations around the circumference in addition
to the hole created by missile penetration. The Nanges also developed ovality and gentle
twisting.

. Disconnection and complete destruction of 18 radial beams that connected the circular girder 1o
the central pivot

. Extensive damage in the form of severe twisting to the cross beams above the central pier P7.
The cross beam over pier P8 developed a sharp kink as result of the abnormal bearing situation
to which it was subjected.

. Extensive damage in the form of tearing and bulging to the deck plate and its longitudinal
trough- type ribs over the area of the explosion to an extent of 16 m length .

. Various local damages in the flanges and webs of the two longitudinal steel girders.

. Extensive damage to the central R.C. cylindrical pier characterised by disintegration and heavy
cracking in the roof of the pier and complete failure of the connection between the pier and 11
of the 12 supporting piles including snapping of pile reinforcement which was onginally
anchored in the pier. The pier leaned out of vertical as it rested on only one vertical pile .
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2.3 Repair Strategy

The constraints on material resources described for the Al Fayha Bridge apply bhere (o a large
exient except that with the implementationof this work being carried out earlier, shortages were
not as severe. In view of the serious damage 1o the central pier and to some of its supporting
piles, dismantling of most of the steel bridge and demolition of the pier was necessary.
Dismantling would also enable a better repair of the badly damaged steel components. However
the first and most important task was to address the question of the stability of the steel bridge.
This is considered next.

2.4 Stabilizing the Steel Bridge :

In view of the unstable configuration of the damaged steel bridge, it was first necessary to design
and execute measures that would ensure the stability of the structure then and also during the
subsequent dismantling stages. In addition to tying the deck at various locations to existing fender
piles by steel wire ropes, two temporary support zones were set up: Zones AB and CD (see
Fig.2.3). Support Zone AB consisted of steel platform supported on 10 700 mm dia wbular steel
piles . 2 - 100 ton jacks were mounted on the platform to form part of the lifting set up. Support
Zone CD consisted of 2 steel girders which were erected undemeath the bridge deck, close 1o the
bolted joint between parts 2 and 3, and supported on 8 tbular steel piles at each end. Jacks were
also supplied over this zone 10 facilitate lifting. dismantling and subsequent re-erections. In
addition to Zones AB and CD. locations E|, E2 and F provided further jacking points,

The 350 ton steel bridge was restored to level position prior to dismantling using the following
jack configuration.

a) Lifting jacks J1 and J2 and retracting jacks J3 and J4 were positioned at the four original
points which were allocated for the lifting of the whole deck during routine bridge maintenance .
b) Jacks JS o JE were mounted in the temporary Support Zone CD .

¢) Jack J9 was mounted under the dislocated end comer F of the longitudinal girder at pier P8 ,
The jacks were operated manually and their action was carefully coordinated o fulfill two
purposes. The lifting required at J1 and J2 was of the order of 1500 mm and it was not possible 1o
achieve that in one stroke with the available jacks which had a max stroke of 150 mm, It was also
necessary to install temporary supports TS1, TS2 and TS9 to enable the re-setting of jacks J1, J2
and J9 respectively. As lifting progressed the tension in the steel wire ropes became slack and had
to be continuously tensioned until final stable configuration was obtained. The pictures in Figs.
2.6 & 2.7 show the stabilized position of the bridge.

2.5 Dismantling of Steel Bridge

A detailed examination of the steel deck showed that segments | and 2, although were dislocated
from their proper position, were basically undamaged except for shrapnel holes. For this reason it
was decided 10 keep them in pasition and to re-locate them 0 correct position at a subsequent
stage. The ercction / splice joints hetween the various segments were the natural locations for
dismantling. The size and weight of the dismantled segments was dictated by the safe lifting
capacity and mancuverability of the cranes which were available to operate  from river craft.
Dismantling proceeded in the following order : Segments I', 2, 3, 4, 3 and circular central
girder. The joint b each 2 segs had high strength friction bolts in the hottom flanges




and webs. The longitudinally stiffened deck plate also acted as top flanges for the 2 longitudinal
girders. The deck plate was welded at the joint. Starting from segment 1', centain proportion not
exceeding S0% of the bolts were removed before the segment was supported by 2 cranes  from
pre-chosen 4 strong points. The removal of the remaining bolts and the gouging of the deck plate
weld was done with crane ropes being just or slightly taut until complete separation. The tension
in the steel ropes had to be carefully monitored and controlled o take account of the tidal effects
and associated change of water level. Dismantling of the other segments proceeded in a similar
manner,

2.6 Repair of the Steel Components

The dismantled bridge segments were set up on a level concrete base  where careful re-
examination of their damages was made and documented. The criteria and procedures cited for
the Fayha Bridge conceming acceptable tolerances for deviation from straightness, planarity and
squareness and as to the method of repair of componentswere followed in the present case o,
Based on these criteria the following components had to be substantially re-fabricated

. the cross beam over pier P8 and the three cross beams over the central pier

. deck plate and its longitudinal stiffening for most of segments 3'and 4.

. Extensive repair to circular girder under segment 4. This also involved replacement of large
areas of web and the completely destroyed radial beams by new ones. Due 10 deformation of the
flanges, their repair was only possible after completely disconnecting web from fanges, The weld
was removed by gouging. Restoring this girder with its 25 mm web & 40 mm flanges 10 proper
circularity, plane upper and lower fange faces and flange to web squareness was a considerable
challenge to the fabrication team. Figs 2.8 and 2.9 show pictures of this girder during and after

repair.

In view of the severity of the damage that occurred 1o the electro/mechanical equipment required
for rotating the bridge, it was decided 1o wtilize the bridge in a fixed form and yet retain the
potential for future capability for rotation. The steel roller and rail arrangement were therefore
replaced by an armangement of 18 equally spaced fixed stub steel columns.

2.7 Erection

Erection started by fixing the 18 stb columns around the upper wall of the central pier. Their
bolts were anchored in pre-prepared holes. The circular steel girder was then lowered and fixed
on the stubs. Erection of the bridge units proceeded in a cantilever manner starting with segment
4, and was followed symmetrically with segments 3 and 3. The combined segments | and 2 were
then re-aligned into final position and connected 1o segment 3 . Fine level adjustment was made
by the jacks J5 and J7. These jacks were then utilized 10 take a pre-calculated share of the weight
of that span until the erection of segments 2' and 1" was completed.

Hoisting and erection of each of the cantilever segments 3, 37, 2°, I" was carried out by crawler
cranes operating from the platform of floating pontoons. Web splice bolts were inserted and
loasely tightened first, followed by bottom flange bolts, simultancously with which steel lugs were
welded across the transverse joint gap of the deck plate. The lugs were of sufficient size and weld
to supply temporarily and in conjunction with the lower flange the moment resistance for the
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cantilever action. The percentage of bolting and welding that had 10 be achieved before the cranes
could be relieved was calculated and specified. Figs. 2.10 and 2.11 show intermediate and final
stages of erection.

The original splice bolts were 24 mm dia class 10.9 high strength friction bolis. At the time of
reconstruction of this bridge it was still possible to obtain new replacement for most of the bolts.
Flange splice bolts were available. There was however a deficiency of about 25% of web splice
baolts. The question of utilizing re-use bolts was examined, in the light of research work by Boyd
and Hyler{1] which forms the background to the AISC rec dations. According to these
recommendation, ungalvanised A 325 bolts may be re-used for up to 3 times while A490 bols
are not recommended for re-use. With bolts grade 10.9 being closer to A490 than to A325 holt
quality it was decided to search for an altemnative to re-using these bolis. A 325 bolts were
eventually found. To supplement their strength it was decided, after consultation with the Client,
0 adopt a hybrid connection involving fillet welding in addition to the A325 bolts, BS 5400 part 3
permits this type of connection, The weld size was in fact conservatively designed to carry the
whole load.

The tip elevation of each erected segment was measured in order to verify that it did not depart
significantly from calculated values. It was important to ensure that the cantilever elevation of the
end segments | and 1" was within prescribed tolerances that assured the functionality of the bridge
as a wming bridge. With the damage 10 the main longitudinal girders being only local, it was not
difficult to preserve accurate vertical profile and no problems were encountered in meeting the
aforementioned tolerances.

The bridge passed a standard load test with 96 % elastic recovery. The work on this bridge
started in June 1991 and the bridge was re-opened on May 4, 1992 | Periodic inspection since
then showed no signs of problems,

Concluding Remarks

In the aftermath of the Gulf War of 1991, an urgent need arose in lrag for the repair, re-
habilitation and re-construction of vital infra-structure facilities such as bridges, electric power
stations and refineries. The structural failures were of a nature quite unencountered in modern
history. The methodology of repair and its associated engineering prohlems were also intrinsically
different from the well wrodden path of standard new construction. New areas of research became
immediately apparent. Such areas include the study of the performance of different structural
systems under catastrophic forces, the structural lessons to be leamt from the nature of failures,
finding answers to technical problems associated with the repair process and the appraisal of the
technical solutions adopted for these repairs. Most of these aspects will be increasingly relevant to
the future re-habilitation of infra-structures that may be subjected 10 deterioration by various
causes, natural or otherwise,

References
1. Boyd & Hyler, J.Struct.Div.ASCE Vol. 99, 1973
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STRUCTURAL REPAIRING AND UPGRADING
OF LARGE SHIP UNLOADERS
Ronaldo C. Batista and Eliane M. L. Carvalho
COPPE - Federal University of Rio de Janeiro
C. Postal 68506, CEP 21945-970, RJ, Brazil

Abstract

Ship unloaders are normally subjected to a very heavy duty and therefore wear and cracks are not
uncommon in their steel structures which often need some repairing and upgrading This paper
focus on the interactive theoretical-experimental-numerical procedure which was used to model
the structural-mechanical system and the dynamic loading, to then assess the structural behavior,
forecast fatigue-cracks and estimate the ulterior service life of two similar large ship unloaders
that were on duty for a period of 10 years A summarized account is given on how, after the
occurrence of one the predicted cracks, the same procedure was used to design the needed
structural reinforcing/stiffening details which were carried out to upgrade these large machines

1 Introduction

Steel structures of large machines such as ship unloaders in busy ports are subjected to a very
severe duty and therefore should be designed under rigorous dynamic criteria if its fatigue life
expectancy in years is taken as one of the main indexes to measure its structural performance
Wear of the moving parts and cracks in the steel structure resulting from heavy duty are not
uncommon in these large structural-mechanical systems which often need some repairing and
upgrading In some cases fractures may propagate quickly and widely, decreasing drastically local
strength and leading to localized buckling and even collapse. The latter event excluded this was
the case of the analysed unloader’s steel frame structure (see Fig 1) composed of large and
slender thin walled box-section members

This paper focus on the main aspects of the interactive theoretical-experimental-numerical
procedure which was used to model the structural-mechanical system and cyclic loading, assess
the structural dynamic behavior and to estimate the ulterior service life of two similar unloaders
that were on duty for a period of 10 years. These latter estimates were then used to forecast the
occurrence of fatigue cracks in major box sections that could have led to the collapse of the
whole structure of one of the unloaders. Under the repeated action of heavy moving parts the
undetected (although predicted) crack grew to dangerous proportions, and this severely
weakened the structure This occurred extensive fracture, caused by fatigue and initiated at a
point of high stress concentration, corroborated initial predictions and compelled 10 design the
needed structural reinforcing and stiffening details which were carried out to upgrade these two
large machines

It is shown how the dynamic characteristics of the steel structure and of the moving parts
of the machine were first identified by experimental measurements, which in their turn were used
to formulate a theoretical model for the dynamic load and to calibrate the FEM model of the
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whole structural-mechanical system, in terms of natural vibration frequencies and mode shapes
and also in terms of time response amplitudes. Moreover, it is shown how the most stressed box
section was modeled and analysed by combining finite element techniques and experimental strain
measurements, and how the resultant stresses were used to design the needed structural
strengthening Correlation of experimental and numerical results are given to demonstrate the
effectiveness of the used interactive approach to this engineering problem

2 General description of the structural-mechanical system

A side view and overall geometry of the unloader's steel structure is shown schematically in Fig, 1
together with some of its main accessories: bucket and trolley, hopper and apron feeders The
material (e.g. coal or iron ore) is unloaded from the ship in the following operation sequence. the
bucket is lowered into the ship and bites the material, then is lifted and transported by the trolley
along the boom to throw the material inside the hopper, returning then empty to restart the
unloading operation.

When the bucket filled with material and hanging by cables from the trolley is transported
to the hopper, it performs a coupled pendular-translational motion that creates a dynamic force
that makes the unloader to oscillate. In its way back towards the boom tip the now empty bucket
creates a similar force of opposite sign and half magnitude. Structural stiffness and resistance to
these oscillations is mainly offered by the pair of inverted L-shaped plane frames, indicated in
Fig.1 The semi-spherical bearings at the top of the two columns in the lower rear-portal
mounted on trucks serve to attenuate the stresses induced by the dynamic force and make these
columns to work as pinned-ends struts. The two legs of the mast, at which top the tie-rods are
linked, sit on semi-rigid connections that allow small rotations caused by dynamic varying
stretching of both tie-rods and rear-rods.

3 Interactive theoretical-experimental-numerical approach

An interactive approach was used to calibrate a FEM model of the previously described
structural-mechanical system that constitute the ship unloader. The structure was discretized by
428 space frame elements - leading to a system of 2122 linear equations - and the numerical
modelling allowed for all the distributed and concentrated masses due to mechanical accessories
and equipment installed on the structure. The FEM model is illustrated in Fig. 2 together with the
unloader's dominant mode of oscillation, i.e. surging motion.

Experimental dynamic responses of the structure were obtained for two distinct
conditions:
* free vibrations under impulsive loads produced by instantly starting and stopping either the
lifting operation of bucket or translation of the trolley.
* forced vibration caused by normal unloading operation.

Free vibration analysis

Fifteen micro-accelerometers (Kyowa, 1g) were installed on each unloader and used to record
ﬂudyrmcmpomumwmofhmtudmﬂ.mﬂmdvmmwmofmm

digitalized and used to identify the dominant vibration mode shapes and their associated natural
frequencies, the latter through the frequency spectra obtained by applying the Fast Fourier
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Transform (FFT) algorithm to these signals Damping factors for the lowest vibration modes
could be easily evaluated through the logarithm decrement technique, resulting in £ = 6% for the
lowest frequency global axial torsion mode, and = 5.5% for the dominant longitudinal (surge)
mode shape shown in Fig. 2

Table 1 presents the correlation between experimental and theoretical results for natural
vibration frequencies associated with some few mode shapes

Table 1 - Experimental x Theoretical Frequencies (Hz + 0.04 Hz)

Mode Shape Experimental | Theoretical
Axial Torsion mode 036 0.38
Surge mode (Fig. 2) 048 0.36
Sway mode 0.92 0.80
1* Bending of Boom 124 120
Transversal Bending 188 200
2% Bending of Boom 324 3.00
| Longitudinal Bending 456 450

It should be emphasized that calibration of the FEM model in terms of vibration
frequencies was achieved simply by refining the mesh, considering all the articulated bearings and
adjusting the location and overall distribution of concentrated masses due to accessories,
machinery and equipment, according to the "as built” drawings of the unloaders

Modelling of the dynamic load
A theoretical model for the dynamic load was formulated from experimental observation and

measurements of the motion of the traveling bucket This dynamic load can be described by the
tension force in the suspension cables, according to the sketch shown in Fig 3, as follows:

T=mg(t/y,) 0<tst, (1)

T= myKsing + myLh” + mygeosd 4, <t<ty (1b)
being

Ty=Tsing (a) ;, T,=Tcos¢ (b) 2)
ils components in the XZ plane, and

M=mgl(t/1,) ; O<tsy (3.a)

M=(mg+THl-x) ; t<tst, (3b)

the force moment in relation to the y axis passing through the cylindrical bearings of the lifting
boom, where
m; = mass of the trolley (20 1)



m, = mass of the bucket: full (40 t) or empty (20 1)
L = length of the suspension cables of the traveling bucket (~10 m)
1 = distance between trolley's extreme positions on the boom (~30 m)
$(t) = angular coordinate for the bucket pendular motion
x(1), %(1), &(1) = displacement, velocity and acceleration of the traveling trolley
£ = acceleration of gravity
1= time (sec.)
1, t, = time instants corresponding respectively to the end of the lifting (t,= 6 sec) and
transporting (1,= 16 sec) operation steps of the full bucket; being t = 0 the beginning of step D in
Fig 4
Based on experimental observation the velocity of the traveling trolley was assumed to
vary as a half-wave sine function of time,

x(t) = llllsil'l =
A A (4.2)
so that,
]
x= -lmz" (4b)
x m
(1) = X g EME “o

where

Xpw =M/ At (~94 m/sec) and At = (1,-1,) =10 sec. are respectively the maximum velocity
reached by the traveling trolley and the traveling time of the full bucket to the hopper, according
10 the steps of unloading operation as clearly depicted in Fig 4 This figure shows the variation
with time of the experimentally measured axial strain at a section close to the semi-rigid joint
located at the base of one of the two legs of the mast. The elapsed traveling time of the full
bucket is clearly shown by this slow varying strain, measured at a specially selected spot to sense
the applied dynamic loading.

Forced vibration analysis

With the previously described dynamic load the responses of the unloader were obtained in terms
of nodal displacements and accelerations and also in terms of resultant forces and stresses in the
clements of its space frame steel structure A mass proportional damped modal analysis in the
time domain, with 10 superposed vibration modes, was used to obtain the dynamic responses

Straightforward correlation between numerical and experimental responses were made for
accelerations and displacements at a few points in the structure; the most relevant being those
Madmhdnmmhmﬂnl(w)mnmoﬁhew Superimposed in Fig 5 are
the experimental and numerical longitudinal acceleration responses at the joint (ie cylindrical
bearing) of the lifting boom, and as it can be seen they correlate favorably Table 2 shows a
comparison between experimental and numerical averaged peak amplitudes of longitudinal and
vertical accelerations and displacements at the tip of the lifting boom These results together with
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Fig 5 serve to demonstrate that the numerical results obtained with the calibrated FEM model
correlate very favorably, both qualitatively and quantitatively, with their experimental
counterparts

Table 2 - Comparison between numerical and experimental averaged peak response

amplitudes at the tip of lifting boom
Peak Experimental Numerical
amplitudes Displ (cm) Accel (m/s?) | Di cm Accel (m/s?)
Lo@'tud.inll motion +330 +0.13 +3.50 +0.10
Vertical motion +9.90 +0.90 +11.00 £1.0

Under the cyclic action of the traveling trolley with the oscillating bucket the structure is
put into a surging motion that is well depicted in Fig 6 by the time response in terms of the surge
displacement at the level of the semi-spherical joints What can be readily noticed in this figure is
the compound type of motion which results from the superposition of two modes the natural
surge mode of the structure with a period Tg = 2.1 sec, and the pendular mode of the hanging
bucket with a period close to Ty = 6.5 sec

|
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dusplacement (om)
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Fig 6 - Longitudinal displacement x time response of the structure at level of the
semi-spherical bearings. Time interval corresponding to steps D and E in
Fig 4

Dynamic stresses

Structural stiffness and resistance to the dominant surging motion is mainly offered by the pair of
inverted L-shaped plane frames Thus, the round corners of these frames (see Fig. 7) had the
most dynamically stressed and fatigue prone box-sections of the entire steel structure. Overall
geometric proportions of these L-frames kept the round corners almost stress-free for the
structure under static loads alone and, consequently, under dynamic loading the circumstances
were such that high stresses were reversed repeatedly, in the same fashion as depicted in Fig 6
for the longitudinal displacement a1 the same level of this focused section

Stress analyses of this L-shaped welded box-section comer (delimited by the bolted
sections as shown in Fig 7) were carried out both numerically and experimentally A 3-D finite
element model as shown in Fig 8 was used to perform the numerical stress analysis under
prescribed distributed boundary forces derived from element end forces obtained with the
dynamic responses of the space frame model of Fig 2. To countercheck stress results from the 3-
D FEM model, strain-gages were installed on the thin walls of the box-section corner and strain
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plates in these walls were only 3/8" thick (frontal and lateral plane walls) and 1/2" thick (curved
wall) Because they were thin and wide, and of course geometrically imperfect, these unstiffened
walls displayed a strong non-linear stress distribution across the box section This was
pnmdﬂwaormewplmhngmdindmdmnbumnmthewhofﬂwmdw‘n
in a section line indicated in Fig. 8 The dynamic peak values (e g maximum tension or
compression) of these stresses at the center and edges of the curved wall are given in Table 3,
while Table 4 shows their average values, effective (b,g) to actual (b) widths ratios and the stress
raiser factors (SRF) as defined ahead. It can be observed that in this case the shear-lag effect
played the role of a stress raiser, leading to stresses at the edges of the curved wall that were
over two times larger than the average stress. This was the source of the "stress raiser factor"
with values indicated at the bottom line of Table 4 In relation to this matter it should be
emphasized herein that the manhole in one of the lateral walls of the box-section corner, as
shown in Fig 7, did not constitute itself in any sort of strong stress raiser, as it could be thought
at a first view Strain measurements recorded from a line of rosettes installed on the web, in
between the curved panel and the bottom of the manhole, showed that the principal stresses
followed a longitudinal stress flow increasing towards the curved panel The initiation of crack at
this particular edge of the curved wall then resulted from a slightly higher local stress (S, as
compared S, in Table 3) obviously influenced by the manhole.

Twl—m:l:whumm:-khﬁummalm“wdwald
the box-section corner of the L-shaped plane frames

Local stresses Theoretical stresses (MPa) Experimental stresses (MPa)
(see Fig 8) Tension Compression Tension Compression
n 1120 -798 T1.7 -68 2
S 148 -12.5 11.3 -15.3
N 112.0 -798 62.0 -59.1

Table 4 - Comparison between theoretical and experimental characteristic values for stress
distribution in the curved wall (see also Table 3)

Characteristic Theoretical results __Experimental results
values Tensile Compressive Tensile Compressive
S, g MPa) 50.0 -370 308 -30.7
(b/b) 0447 0.463 0.439 0.461
2.24 2.16 217 207
4 Fatigue analysis

The calibrated models were used to estimate fatigue damages caused by the operational dynamic
load at the most stressed sections of the structure [1] Among these sections, those with high
reversed stresses were termed the most fatigue prone sections. The results from the fatigue
analysis of the box-section corner of the L-frame are brought herein to demonstrate the
effectiveness of the used approach

No considerable flaws, notches or minor cracks in any of the most fatigue prone sections
were detected during thorough inspections of the entire structures of the two similar unloaders
Small initial defects associated with fabrication, installation and service use are nevertheless
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altogether unavoidable and hard to be detected in such large steel structures. No matter how
this has been assessed by crack growth models derived from fracture mechanics However these
errors are generally minor compared to other uncertainties Among these uncertainties those
related to the modelling of the dynamic loading and structural system are the most relevant and
frequent. Thus, what is always required to predict the fatigue-life of large field structures, is a
refined and experimentally calibrated analytical or numerical model.

In the analysed case [2] the dynamic behavior of the structure was so simple that the most
stressed and fatigue prone sections experienced only four different cyclic and well defined high
stress levels at low frequencies. A deterministic approach to cumulative fatigue damage based on
sound S-N curves could be then rationally applied to fatigue-life estimates of these unloaders
structures. By having determined (numerically and experimentally) the hot spots for stresses at
the edges of the curved wall, or more precisely at the welded junction between the curved wall
and the webs of the box-section corner of the L-shaped frames, the aforementioned approach
could be further used to forecast fatigue-cracks to be initiated at these spots

The annual number of cycles of operation was estimated by the port authorities as n =
2.1 x 10* cycles/year, and this was countercheked by monitoring one typical ship unloading
operation.
Miner's rule together with the appropriate S-N curves [3,4] were used to estimate
cumulative damage
P =

n
D=2, —210 -
i 2

where,

n=nxl, is the total number of stress cycles that the section experiences per year, being I twice
the number of cycles occurring for At = 10 sec,, e.g. for both full and empty bucket travels

N, = the number of cycles for fatigue under each stress range AS;, j = 1,.,J, being J the number
of distinct stress ranges occurring for the to and fro traveling of the trolley on the boom.

The used S-N curve has the expression [3]

LogjoN; = Logjga+d.s+m Log;,AS, (6)

where, for welds parallel to the direction of the applied stress like in the box-section corner of the
L-frames, s = 0. 1822, m = 4.0, Log,,a = 15.3697

By applying a stress raiser factor (SRF) to the average stress ranges AS, as taken from
Table 4 the following fatigue life estimates T, was obtained for the selected section

Ty =112 years, with SRF = 2 1, for the most stressed section in the curved wall of the
box-section comner.
This result together with a service life Tg = 10 years led to an estimated ulterior service
lifeTy; = Ty = T, = 1.2 years, that was soon corroborated by the occurrence, almost two years
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later, of an extensive fracture in one of the two similar unloaders. Under repeated and reversed
high stresses a crack, initiated at the predicted hot spot, grew quickly to dangerous length and
almost led to the collapse of the whole structure of one of the unloaders. the one most on duty
Collapse only did not occur because the large crack could be seen by the people in charge of the
maintenance of the machines A sketch on Fig 7 gives a glimpse of the extension of this fracture
that reached around 980 mm (~ 39") of total length

5 Repairing and upgrading

The structural failure corroborated initial predictions and compelled to designing the needed
structures of the two unloaders. The steel used in these structures and in the strengthening details
is a mild carbon steel with yield stress fy=250 MPa (similar to the ASTM A-36) The design of
such details was based on stress calculations performed with calibrated numerical models, onto
which structural changes (e g plate thickness, stiffeners, etc ) were introduced and analysed One
of the most relevant detail was the thickening and stiffening of the curved walls of the box-
section corners of the L-shaped plane frames Three equally spaced longitudinal stiffeners with
cross-section 1/2" (~12 mm) thick and of smooth varying depth (maximum of
6"(150mm)) were welded to the inner surface, and two 1/2" (~12 mm) thick curved steel plates
were welded side by side on the outer surface of the curved wall As illustrated in one detail in
Fig 7 these curved plates were welded along the edges and the middle line of the curved wall,
and also along their ends, close to the splices at the bolted sections. The thickening of the curved
wall, together with the welded stringers, was done in order to arrest the shear-lag effect and even
up the distribution of longitudinal stress across the wall width. Moreover extensive plating was
carried out to obviate further structural failures in places where either fatigue cracks could grow
inadvertently or localized buckling occurred because lack of necessary stiffness to resist the
added dynamic in-plane stresses. At this stage a refined plane stress FEM model of one L-shaped
frame was also of the great aid to sensivity analysis. Flat shell elements were used to discretize
the two webs while the flanges were modelled by bar elements
Another relevant reinforcing/stiffening work was carried out to repair the buckled top
flange (see Fig 7) of the box girders of the L-frames, and also the buckled vertical front wall (see
Fig 7) of these same frames. Buckling of these flanges were caused by the combined dynamic
effects of the sudden loading induced by large mass of material being thrown into the hopper and
the bending moments created when the rear support (semi-spherical bearing) of the L-frame
moves backwards Under the simultaneous occurence of these two dynamic effects -and this
could be observed not to be a rare event- high longitudinal compressive stresses were induced to
these flanges and added to the already installed static compressive stresses For the unstiffened
top flange of the horizontal box-girder this situation was further worsened by the shear-lag effect
in the regions of the support to the concentrated (static and dynamic) vertical loads, indicated in
Fig 7 Thus, close to this point dynamic stresses lead to cumulative fatigue damage at the
welded connexion, although in a much less extent than in the curved wall, as in the
case of this top flange there were lower and not reversible strains. Buckling of the unstiffened top
flange occurred to the right and left of this support in a classical wavy pattern as illustrated in
Fig 9a Plating in the region of the supports and longitudinal sttiffeners were then used to
reinforce the top flange, and transversal stiffeners were also welded to the webs, as illustrated in
Fig 9b
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Fig 9 - Buckled top flange of box-girder and reinforcing/stiffening details

6 Concluding remarks

The reliability of an interactive theoretical-experimental-numerical approach to assess the
dynamic behaviour of large steel structure is demonstrated by the application to a practical
engineering problem involving fatigue-life estimates and buckling of box-section components.
The calibrated numerical model resulting from this interactive approach is then shown to be a
rational tool to evaluate the structural performance, to predict fatigue cracks and to point out
and design the needed repairing to upgrade the steel structures of these ship unloaders. Details of
the stiffening and plating carried out on the box-girders in order to arrest edge stresses due shear-
hg:udtopmunmnhuhckhngoprﬂangemmmmm“wmm
the need for further research on the role played by few and light longitudinal stiffeners,

with thickening of flange, in the attenuation of shear-lag induced edge stresses
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